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ABSTRACT 

The performance of piles in liquefying ground under earthquake loading is a complex 

phenomenon.. The process of generation of excess pore water pressure in saturated sand 

during earthquakes causes loss of shear strength of the ground. Many buildings and 

transportation facilities supported by deep foundations were damaged due to the loss of 

bearing capacity and excessive settlement during the 1964 Niigata and 1995 Kobe 

earthquakes. 

Studies of seismic loadings on pile foundations and liquefaction phenomenon have been 

performed extensively in the last four decades. However, the combined problem of 

.seismic behaviour of piles in liquefiable soil has received relatively less attention, 

especially the effect of liquefaction on lateral capacity. The present study deals with 

developing a simplified procedure to evaluate the lateral capacity of piles in liquefiable 

soils from commonly available field test data (SPT). The excess pore pressure generated 

due to liquefaction is determined using the method proposed by Seed, Martin and 

Lysmer. The lateral capacity is then determined using spring model (based on Winkler's 

hypothesis) incorporating the effect of excess pore pressure on soil stiffness. Layered soil 

system, ground water level, the earthquake magnitude and duration of earthquake shaking 

are accounted. Analysis for lateral load on pile foundation is carried out using `Finite 

Difference' scheme. A computer code in C++ has been developed for this purpose. 

Numerical results have been obtained for typical problems using the package and the 

effect of normal ground conditions on the pile behaviour is brought out. It has been 

observed that the lateral capacity of a single pile in liquefiable soil reduces drastically as 

compared to static case. Using Equivalent Cantilever Approach, design charts are 

developed to determine the pile head deflection for free and fixed head, fully embedded 

piles in homogenous soil deposits prone to liquefaction. 
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CHAPTER-1 

INTRODUCTION 

The performance of piles in liquefying ground under earthquake loading is a complex 

phenomenon due to the effects of progressive build up of pore water pressure in saturated 

soils. The loss of soil strength and stiffness due to liquefaction may develop large bending 

moments and shear forces in piles founded in liquefying soil, leading to pile damage. 

Such failures were prevalent during the 1964 Niigata and the 1995 Kobe earthquakes. 

When the soil or phreatic surfaces are even slightly sloped, deformations of up to several 

meters may develop in cases where liquefaction occurs. In such cases, large lateral forces 

may act on the pile. This phenomenon is commonly referred to as lateral spreading (Klar 

et al. 2004). Damages related to liquefaction might involve pile foundation failures due to 

lateral flow of liquefied soils or failure at the boundary between two different soil layers, 

of which one liquefies and the other does not. Liquefaction also leads to substantial 

increase in pile cap displacements. 

1.1 PILE FOUNDATIONS AND LIQUEFACTION 

Dynamic pile-soil interaction analysis has become an important field in Civil Engineering 

over the past few decades. Several major earthquakes that caused damage to buildings, 

bridges, port facilities and other infrastructure have brought a lot of attention to how 

foundations behave under dynamic loading (Fig. 1.1). 

Many studies of seismic loadings (vertical as well as lateral) of piles and liquefaction 

phenomenon have been performed in the past.. Yet much has to be revealed especially on 

the excess pore pressure generated during liquefaction which alters the effective stresses 

in the soil and thereby change its mechanical behaviour (Maheshwari et al. 2008). 

Over the past 25 years a methodology termed the "simplified procedure" has evolved as 

a standard of practice for evaluating the liquefaction resistance of soils. Following 

disastrous earthquakes in Alaska and in Niigata, Japan in 1964, Seed and Idriss (1971) 

developed and published the basic "simplified procedure." That procedure has been 

modified and improved periodically since that time, primarily through landmark papers 
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rniliure th e-to shear seal melt of adJ: rPrnt 	Failure due to Eaters[ 
ground 	 spreading 

Loos of pile capacity 

by Seed (1979), Seed and Idriss (1982), and Seed et al. (1985). The simplified procedure 

was developed from empirical evaluations of field observations and field and laboratory 

test data (Youd et al. 2001). The strength of this semi-empirical approach is the use of 

theoretical considerations and experimental findings to establish the framework of the 

analysis procedure and its components. Sound theory provides the ability to make sense 

out of the field observations, tying them together, and thereby having more confidence in 

the validity of the approach as it is used to interpolate or extrapolate to areas with 

insufficient field data to constrain a purely empirical solution. 

Loss of pile capacity & 	failure due to ovenuriimg 	Flour, clue tutrnrisient 	t-:ailureciue to iateta[ 
lateral spreading 	 ms uinerit 	 groundI deformation 	 sj reacitrig 

Fig. 1.1 Pile Damage Mechanisms in Liquefied Ground (Tokimatsu et al. 1996) 

The available models of liquefaction are based on either (Kagawa and Kraft, 1981) 

1) Experimentally observed undrained stress paths during pore pressure build up, 

2) A correlation between pore pressure response and volume change tendency of dry 

soils, 

3) Formulation of pore pressure response directly from observed data, 

4) Plasticity theory in which the plastic volume change is related to pore pressure 

build up or 

5) Treatment of the soil as a two phase medium. 

Different experimental and analytical numerical models have been used to study the 

behaviour of soil-pile interaction. In general, it is possible to classify the different 
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analytical-numerical models according to three groups - (1) Continuum solution, (2) 
Finite element Solution and (3) Discrete models such as Winkler models. 

Numerical procedures for the analysis of piles founded in liquefying soil have large 

uncertainties due to lack of understanding of the mechanisms involved in soil—pile 

interaction in the liquefying soil. Although numerical models based on two-dimensional 

and three-dimensional finite element analyses (e.g., Hamada et al. 1994; Sakajo et al. 

1995; Zheng et al. 1996; Shahrour and Qusta 1998; Finn et al. 2001) provide better 
insights into this interaction, they are computationally complex and time-consuming. 

Therefore in recent years, one-dimensional Winkler models based on finite element and 

finite difference methods for the seismic analysis of pile foundations have become 

popular amongst designers. In Winkler models, the pile is modelled as a beam and the 

lateral soil pressure acting on the pile is modelled using a nonlinear spring-dashpot 
model. These methods are computationally very efficient and give results in a very short 

time (Liyanapathirana and Poulos, 2005a). 

In this dissertation, a simplified procedure to evaluate the lateral capacity of piles in 

liquefiable soils is described. The excess pore pressure generated due to ground shaking is 

determined using the model proposed by Seed et al. (1976). The lateral capacity is then 
determined using spring model incorporating the effect of excess pore pressure on soil 
stiffness. Analysis for lateral load on pile foundation is carried out using `Finite 

Difference' scheme. 

1.2 OBJECTIVES 

i. To review the existing numerical models on estimation of pore pressure in 

liquefiable soils and select a suitable one. 

ii. Analysis of laterally loaded piles in liquefiable soils using spring models 

incorporating the effect of pore pressure. 

iii. Development of design charts for analysis of piles in liquefiable soil based on 
Equivalent Cantilever method. 

1.3 SCOPE OF RESEARCH 

This Dissertation is an attempt to obtain a simplified procedure for evaluation of lateral 

capacity of piles in liquefiable soils. The research consists of Study of liquefaction 

3 



susceptibility of soil, Study of various liquefaction models, Correlating the effective 

stress reduction due to liquefaction to the soil stiffness (modulus of horizontal subgrade 

reaction), Using modulus of - subgrade reaction approach for the lateral analysis of the 

pile.. 

The excess pore pressure generated due to liquefaction is determined using the model 

proposed by Seed et al. (1976). The lateral capacity is then determined using spring 

model incorporating the effect of excess pore pressure on soil stiffness. Analysis for 

lateral load on pile foundation is carried out using `Finite Difference' scheme. A 

computer code in C++ is developed for this purpose. Simple design charts are developed 

for lateral analysis of piles in liquefiable soils subjected to small earthquake accelerations 

using Equivalent Cantilever method. 

The study has been performed for only single pile for one dimensional case. Both fixed 

and free head piles are considered in the study. The modulus of horizontal subgrade 

reaction is taken as a function of effective stress only. The pore pressure generation is 

considered however the dissipation is not considered. The earthquake loading is 

considered for pore pressure generation only. Lateral analysis is carried out for a 

particular value of lateral load at pile head. The study accounts to layered cohesionless 

soil system. Both long and short piles can be analyzed using the proposed method. 

1.4 ORGANISATION OF DISSERTATION 

This dissertation has been organised into seven chapters. Chapter 2 deals with review of 

literature. This chapter is primarily focused on past works on liquefaction and lateral load 

carrying capacity of piles. The combined studies of lateral load carrying capacity of piles 

considering the effects of liquefaction are reviewed. The pore pressure generation models 

developed by various researchers are included in the review. Soil liquefaction in some 

major earthquakes and few cases of liquefaction induced pile damage are also discussed. 

Chapter 3 deals with Numerical modelling and formulation for liquefaction. The steps 

and flow chart for the numerical model are described. Chapter 4 deals with the lateral 

capacity of piles. The procedure of Modulus of Subgrade reaction method and Equivalent 

Cantilever method for analysis of lateral load carrying capacity of piles under static 

lateral loading condition is explained. The Modulus of Subgrade reaction method is 

modified based on the evaluated excess pore pressure due to liquefaction. The procedure 
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adopted for this is described. Flow chart showing the entire steps is given. Chapter 5 

involves the verification of algorithm and solution of a typical problem. The methodology 

adopted and program developed are verified. The results of lateral analysis of piles in 

liquefiable soils are explained using a typical problem. In Chapter 6, parametric studies 

are carried out to evaluate the variation of pile capacity with different locations of 

liquefiable layer and different homogenous soil deposits subjected to liquefaction. Design 

charts are prepared for determining pile head deflection in homogenous, cohesionless soil 

deposits for fully embedded piles. Chapter 7 deals with the summary of the studies 

conducted and the findings. Based on the results and findings, the conclusions have been 

drawn and future directions have been stated. 
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ptr2  

LITERATURE REVIEW 

Soil liquefaction is the phenomenon by which soil loses its shear strength for a smaller 
time period, but that is long enough to cause many failures, loss of human life and major 

financial losses. It is an aspect of soil behaviour that occurs worldwide during major 
earthquakes and has much importance on both public safety and financial standpoints 

(Jefferies and Been, 2006). Occurrence of liquefaction has been reported during a large 

number of earthquakes in the past (e.g. Shonai (1894), Assam (1897), Kanto (1923), 

Nepal-Bihar (1934), Fukui (1948), Assam (1950), Jaltipan (1959), chile (1960)). But 

"Modem" engineering treatment of liquefaction started with the two devastating 

earthquakes of 1964, i.e. Niigata and Great Alaska Earthquakes, in which seismically-
induced liquefaction caused spectacular and devastating effects. Major advances have 
occurred in both understanding and practice with regard to engineering treatment of 

seismic soil liquefaction and assessment of seismic site response over the past few 

decades. Seismic soil liquefaction engineering has evolved by itself into a sub-field, and 
assessment and treatment of site effects affecting seismic site response is now a 

mainstream issue addressed in most modern building codes and addressed in both 
research and practice (Seed et al., 2001). 

The past earthquakes such as the 1964 Niigata, 1964 Alaska, 1989 Loma-Prieta, and 1995 

Hyogoken-Nambu demonstrated a significant involvement of liquefaction in pile damage 

(Liyanapathirana and Poulos, 2005a). When liquefaction occurs during earthquakes, pile 

foundation is subjected to substantial shaking inside the soil which is in liquefied state 

and having minimum stiffness. Due to severe shaking, the pile may be subjected to severe 

cracking or even fracture. Significant lateral spreading or down slope displacements occur 

in a sloping site if the residual strength of soil is less than the static shear stresses. The 
moving soil exerts stress on• the pile foundation resulting in pile damage. Lateral 

spreading becomes more critical for pile foundations when a non-liquefied layer slides 
over the top of a liquefied layer (Finn and Fujita, 2002). 
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The literature has been reviewed under three headings namely 1) Liquefaction and pile 
damages during past earthquakes, 2) Background studies on liquefaction 3) Lateral 
response of piles 

2.1 LIQUEFACTION AND PILE DAMAGES IN PAST EARTHQUAKES 

A few case histories of soil liquefaction during some major earthquakes and liquefaction 
induced pile damages are summarized here. 

2.1.1 Soil Liquefaction in some Major Earthquakes 

a) The Alaska Earthquake, March 27,1964 

Fig. 2.1 Damage to Fourth Avenue, Anchorage, 1964 Alaska Earthquake 
(http://www.smate.wwu.edu/teched/geology/GeoHaz/eq-Alaska64/eq-Alaska64- 
09.JPG) 

The Earthquake (M = 9.2) was estimated to have produced a peak ground surface 
acceleration of about 0.15g to 0.20g based on observed patterns of damage to structures. 
Fig. 2.1 shows the Fourth Avenue buildings in downtown Anchorage after 1964 Alaska 
Earthquake. It shows the damage resulting from the slide in this area. Before the 
earthquake, the sidewalk in front of the stores on the left was at the level of the street on 
the right, which was not involved in the subsidence. The sidewalk subsided 11 feet (3.3 
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m) in response to 14 feet (4.2 m) of horizontal movement of the slide block during the 

earthquake. Lateral spreading produced a fan- shaped slide 1,800 feet (545.5 ni) across 

that covered about 36 acres (14.6 hectares) and moved a maximum of 17 feet (5.1 m). 

Movement on the landslide began after about 1 1/2 to 2 minutes of ground shaking and 

stopped when the shaking stopped. Fig. 2.2 shows the soil prof le. The SPT blow count 

and CPT values are shown in the figure. The open circles are for SPT N values in sandy 

silt (ML) soils and filled circles are for N values in Naptowne Outwash and silty sand 

(SM) soils (Boulanger and Idriss, 2004). 
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Fig. 2.2 Log of Boring BH3 and CPT Record (Boulanger and I,driss, 2004) 
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Fig. 2.3 Fissured Highway Embankment, 1964 Alaska Earthquake 

(www.smate.wwu.ed u/teched/geology/GeoHaz/eq-Alaska64/eq-Alaska64-13.JPG) 

Fig. 2.3 shows the eastern approach to Twenty mile River Highway Bridge at Portage. 

The highway embankment fissured, spread and slumped on underlying alluvium. The 

road was built on thick deposits of alluvium and tidal estuary mud along the Turnagain 

Arm of Cook Inlet near Portage, Alaska. These weakened deposits spread laterally away 

from the road centre toward the edge of the embankment. 

b) 1964 Niigata Earthquake, Japan 

The 1964 Niigata Earthquake had a magnitude of 7.5. The destruction was observed to be 

largely limited to buildings that were founded on top of loose, saturated soil deposits. In 

and around this city, the soils consist of recently reclaimed land and young sedimentary 

deposits having low density and shallow ground water table. The damaged concrete 

buildings were built on very shallow foundations or friction piles in loose soil. Similar 

concrete buildings founded on piles bearing on firm strata at a depth of 20 m did not 

suffer damage. Fig. 2.4 shows the tilting of buildings at Kawagishi-Cho during 1964 

Niigata Earthquake. A remarkable ground failure occurred near the Shinano river bank 

where the Kawagishi-cho apartment buildings suffered bearing capacity failures and tilted 

severely. Despite the extreme tilting, the buildings themselves suffered remarkably little 
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structural damage. Sand boils and ground fissures were observed at various sites in 

Niigata. 

Fig. 2.4 Tilting of buildings at Kawagishi-Cho, Niigata Earthquake, 1964 
(www.ce.washington.edu/-liquefaction/selectpiclique/nigata64/tiltedbuilding.jpg) 

c) 1988 Armenia Earthquake 

The earthquake of December 7, 1988 in Armenia (M-6.8) caused extensive damage to 
buildings, roadways, and other engineered facilities (Yegian et al., 1994). Fig 2.5 shows a 
failed highway. It is located near a tributary of Pambak River where the water table was 
near ground surface. The embankment material is silty sandy compacted fill. The peak 

ground surface acceleration was about 0.5 g. For this acceleration, free draining gravelly 
sands are not expected to liquefy. However, the presence of an overlying 30-40 cm 
relatively impermeable soil layer prevented vertical dissipation of the excess pore-water 
pressures, as they were being generated by the shaking. As a consequence, high pore-
water pressures triggered liquefaction or at least substantially reduced the shearing 
resistance of this deposit beneath, and particularly near the toes of the embankment. This 
led to instability of the embankment, resulting in cracking and slip deformations (Fig. 

2.6). 
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Fig. 23 Photograph of Failed Spitak Highway (Yegian et al., 1994) 
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Fig. 2.6 Spitak Highway Embankment Cross Section before and after Failure 
(Yegian et al. 1994) 
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d) 1995 Kobe Earthquake 

F 

J 	__ 
:a . 

Fig. 2.7 Fallen Bridge Deck, 1995 Kobe Earthquake 
(www.ce.Washington.edu/liquefaction/htmi/main.html) 

Fig. 2.7 shows the Nishiyorna Bridge failure during 1995 Kobe earthquake having a 
magnitude of 6.9. One span of the deck had fallen to the ground. The supports of the 
bridge were not damaged, but large deformations occurred. 

e) 2001 Bhuj earthquake, India 

The Bhuj earthquake magnitude, M = 7.7 struck the Kutch area in Gujarat at 8.46 a.m. 
(IST) on January 26, 2001. It was the most damaging earthquake in India in the last 50 
years. This earthquake has caused extensive damage to the life, property and 
infrastructures (Fig. 2.8). Fig. 2.9 shows failure of a railway embankment at Vaka Nala of 
about 5 meters height. It suffered extensive damage. The rails were hanging by about 1.0 
to 1.5 meters after the earthquake. Ground liquefaction was observed at the base of the 
embankment. Fig. 2.10 shows a tilted bridge. This pier at the RC bridge near Vondh was 
found to have a tilt. Considerable liquefaction was observed at the site. Pier supports two 
spans with different girder/slab depths (EERI Special Earthquake Report, 2001). 

12 



~t 1~h 	 /~~ 	•..ice. ~ w.~ 	 ~ . 

ii+  

Fig. 2.8 Damage to Highway Pavement 
	Fig. 2.9 Rail Embankment at 

near Rapar due to Lateral Spreading of 
	Vaka Nala (EERI Special Earthquake 

Soil (EERI Special Earthquake Report, 	Report, 2001) 
2001) 

it I 

II  s ~ 
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Fig. 2.12 Plausible Settlement Mechanism of Failure Showing the Tilting of the 

Tower assuming no Structural Failure of Piles (Dash et al. 2009) 
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The pile-supported building under consideration leaned about 30cm at its top and 

separated from its adjacent building as shown in Fig. 2.12. The ground in the vicinity of 

the tower settled about 30cm, resulting in the settlement of mat floors of the building. 

There were evidences of extensive liquefaction with ejection of sand through ground 

crack in the vicinity of the building. Lateral spreading was observed at the site. 

b) NHK building during the 1964 Niigata earthquake (Ramada, 1992) 

It is a four-storey R.0 building supported on reinforced concrete piles. The piles were 

having a diameter of 350 mm and are 11 to 12 m long. 72 piles were investigated and it 

was found that all were damaged. The piles failed at two portions as shown in Fig. 2.13. 

Liquefiable layer was found to be about 10m. Only about 2 in of the pile was in non-

liquefiable zone. 
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Fig: 2.13 Failed Pile of N H K Building (Hamada, 1992) 
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c) Failure of Showa Bridge over river Shinano during the 1964 Niigata earthquake 

(Hamada,1992) 

The pile passes through 10 m of potentially liquefiable soil and is founded on 6 m of 
competent non-liquefiable soil. The length of the pile in liquefiable zone is 10m and the 
length of pile in free air/water is 9 m. So during liquefaction, 19 m of the pile was 

unsupported (Fig. 2.14). 

I &/t am& E-- 	 ---> RkW B& 

tI 

Fig. 2.14: Damage to Steel Piles of Pier 4 of Showa Bridge (Boulanger et al., 2003) 

d) Failure of the Yachiyo bridge over river Shinano during the 1964 Niigata 

earthquake (Ramada, 1992) 

This bridge is located adjacent to the Showa Bridge. Extensive lateral spreading occurred 
in the river and the river width decreased. The foundation of both abutments and piers 
were Reinforced concrete piles of 0.3m diameter and a length of 10 to 11 m. The pile 
formed a plastic hinge at 8m depth (Fig. 2.15). The depth of liquefiable layer was 8m. 

The pile head got displaced by about 1.lm. 

e) Failure of 4-storey firehouse during the 1995 Kobe earthquake (Tokimatsu et al. 

1996) 

This building is located at the foot of the Kobe O-Hashi Bridge on Port Island. The 
building got tilted and moved towards the sea. The building was supported on pre stressed 
concrete piles of 30 m length and 400 mm diameter. After the earthquake, excavation 
survey showed that compressional shear failure occurred on the seaside with minor 
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flexural cracks on the opposite side. From the soil report of the island it is estimated that 

the top 18 in is most likely to have liquefied during the earthquake. 
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Fig: 2.15 Failure of Yachiyo Bridge (Hamada, 1992) 

2.2 BACKGROUND STUDIES ON LIQUEFACTION 

Ishihara in his Rankine Lecture (Ishihara, 1993) suggests that the term spontaneous 

liquefaction was coined by Terzaghi and Peck in 1948. But the subject is much older than 

that. The Dutch Engineers have been engineering against liquefaction to protect their 

country from sea. Koppejan et al. in 1948 at the 2nd International Conference in 

Rotterdam mentioned about flow slides in the approach to a railway bridge near Weesp, 

Netherlands in 1918, triggered by vibrations from a passing train. During the same tine, 

Hazen's 1918 report on the Calaveras Dam failure was clearly recognized as a 

phenomenon related to pore pressures and effective stresses (Jefferies and Been, 2006). 
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The devastating effects of liquefaction sprang up to the attention of geotechnical 
engineers in 1964 when the Alaska and Niigata earthquake produced spectacular 

examples of liquefaction induced damage, including slope failure, bridge and building 

foundation failure, and flotation of buried structures. The excess pore pressure generation 

under undrained loading conditions forms the hallmark of all liquefaction phenomena. 

Under both static and cyclic loading conditions, the dry, loose cohesionless soils become 

dense. When saturated, cohesionless soils in loose state are subjected to these loadings, 

the soil tries to get denser causing a rise in pore water pressure finally leading to reduced 

effective stresses (Kramer, 1996). When effective stress reduces, the shear strength 

reduces greatly and large settlements occurs leading to the phenomenon called "complete 

liquefaction". (Brennan et al., 2007). 

From the mid-1960's intense research has been done for the prediction of liquefaction of 

soils during earthquakes. Cyclic triaxial tests, cycle simple shear tests and large scale 

shaking table tests have explained many features of the liquefaction phenomenon. Efforts 
were made in developing procedures for assessing liquefaction potential of sites underlain 

by sand deposits using the results of these tests (Peck, 1979). The prominent works done 

by Martin et al. (1975), Seed et al. (1976), Finn et al. (1977) and Martin and Seed (1979) 

established the basic understanding of liquefaction in saturated sands. 

Martin et al. (1975) developed a quantitative relationship between volume reductions 

occurring during drained cyclic tests and the progressive increase of pore water pressure 

during undrained cyclic tests. Using this relationship, the pore pressure build-up during 

liquefaction can be computed theoretically using basic effective stress parameters of 

sand.Seed et al. (1976) developed an analytical procedure for evaluating the general 

characteristics of pore pressure build-up and subsequent dissipation in sand deposits 
during and after the period of earthquake shaking. Finn et al. (1977) provided a non-linear 

effective stress analysis method for dynamic response of dry or saturated sands. Martin 

and Seed (1979) described a simplified procedure which analytically uncouples the 

analyses of pore-water pressure and dynamic soil response. Liyanapathiana and Poulos 

(2002a, b) presented an effective stress based numerical model to analyse soil 

liquefaction when a saturated soil deposit is subjected to earthquake loading. The main 

advantage of this method is the lesser number of model parameters required as compared 

to the existing effective stress models. 



2.2.1 Numerical Models for Pore Pressure Generation 

In liquefying soil the dynamic response is dominated by the progressive build up of pore 

water pressure. The amount of resistance provided by the soil to deformation at any point 
in the soil deposit is a function of the effective stress at that point. Therefore, it is 

important to develop numerical models, which can predict generation and dissipation of 

excess pore pressure in the soil deposit, which in turn can predict the effective stress. 

Some of the numerical models for liquefaction are explained below. 

a) Seed et al. (1976) method: This paper presents a means for analysing the 

development and redistribution of pore-water pressures in horizontally stratified deposit 

of sand, both during and following the period of earthquake shaking. The model can be 

used to determine the excess pore pressure generated in the soil deposit due to a particular 

magnitude earthquake and maximum surface acceleration. For the present study, this 

method is adopted for pore pressure evaluation and hence is discussed in detail in next 

chapter. 

b) Finn et al. (1977) method: This method is a non-linear effective stress analysis for the 

dynamic response of dry or saturated sands. 

Generation of pore water pressure (Martin et al. 1975): Consider a cubic element of 

saturated sand of unit volume and porosity. Let the element be under a vertical effective 

stress, a,,', and horizontal stresses 	During a drained simple shear test a cycle of 

shear strain, ji, causes an increment in volumetric compaction strain, Ac,d, due to grain 
slip. During an undrained shear test starting with same effective stress system, the cycle 

of shear strain, r), causes an increase in pore pressure, ©u given by 

	

Au ~= 
€yne 	 (2.1) 

Where hr' = one-dimensional rebound modulus of sand at an effective stress a';, 

kW = the bulk modulus of water. 

n, = porosity of sample 

For saturated sands k>> Er' and therefore, 

	

,ui = Er' . Atl:,,d 	 (2.2) 
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It has been shown experimentally that under simple shear conditions the volumetric strain 
increment, O&yd, is a function of the total accumulated volumetric strain, cvd, and the 
amplitude of shear strain, r), and is given by 

AEvd = C('}'-C2 Evd) + C3 evd/(T1 + C4Evd) 
	

(2.3) 

where ci, c2, c3 and c4 are constants that depend on the sand type and relative density. 

These constants are evaluated by data plotting of two to three constant strain amplitude 

tests. For best fit curves, the constants obtained are c1=0.8Q, c2=0.79, c3=0.45 and 

C4=0.73 . 

An analytical expression for the rebound modulus, Fr' at any effective stress level csv' is 
given by the relation 

(2A) 

In which csvq' is the initial value of the effective stress and k2, m, and n are experimental 
constants for given sand. They can be determined readily from a series of three unloading 

curves from different o;,o as shown in Fig. 2.16. 

Dissipation of pore water pressure: If the saturated sand layer can drain, during shaking 

there will be simultaneous generation and dissipation of pore water pressure. Thus the 
rate of increase of pore water pressure will be less than for completely undrained, sand. 

The pore water, pressure at time `t' is given by the following equation. 

au 
E ' -f- '' 	,ate 

at —  r z ~Yw 13z 1 + r 7 t (2.5) 

In which u is the pore water pressure, k is the permeability and y,,, the unit weight of 
water. The first term shows dissipation of pore water pressure. The second term shows the 

internal generation of pore water pressure. Eq. 2.5 must be solved numerically in 
conjunction with the equations of motion of the sand layer in order to update continually 

the values of pore water pressures that are being developed during earthquake shaking. 
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Fig. 2.16 Comparison between Analytical and Experimental One-Dimensional 

Unloading Curves. (Martin et al. 1975) 

c) Kagawa and Kraft (1981) method: A pore pressure generation model solely based on 

observed pore pressure is presented in the paper. The model is conceptually simple and 

requires only a limited number of laboratory tests and a few model parameters. All model 

parameters can be determined from conventional stress controlled, undrained tests 

employing uniform stress cycles. The model also works well for earthquake type stress 

variations. An important feature of the model is that it can be used with any non linear 

dynamic response method that accounts for the time-dependent stiffness degrading effect 

due to pore pressure build-up in the soil, and it provides a convenient alternative to 

sophisticated liquefaction models to evaluate the effect of pore pressure generation within 

soil media. 

Assumptions:- 

1. Pore pressure generation is due to volume change characteristics. 
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2. Soil exhibits an identical pore pressure generation in both positive and negative 

shear stress applications only when the stress histories are the same in both 

directions and the pore pressure before the stress application are the same. 

3. Pore pressure is assumed to develop only in the loading and reloading process. 

Pore pressure model: When a potential function for pore pressure build-up, 'i', exists, we 
can compute the pore pressure increase due to a shear stress change from ti to i2 as 

1t2  Tz 1 	r p(.). I~l1<_lt21 	 (2.6) 
a„ 

In which du is pore pressure increase, a„ is initial effective overburden stress, r is shear 

stress. W is considered uniquely determined for a given soil density and a confining 

pressure following the first assumption and is expressed as 

=A'[n(N)+f(—')]I z IR 
av dv 

(2.7) 

In which A' and (3 are model parameters. n(N) = memory function that depends on the 

number of the times a soil element is sheared and f(`—') = a function representing the 
Qv 

change in the pore pressure generation capability of a soil element caused by an increase 
U 

in the pore pressure ratio -c-.  
6v 

Determination of model parameters: Model parameters can be determined by conducting 

undrained cyclic triaxial tests. When cyclic undrained tests are performed on samples 
with the same density and confining pressure but for several different stress ratios, the 

parameter (3 can be obtained as a function of the number of stress cycles. A method to 

find f is shown in Fig.2.17. 1 value typically ranges from 0.0 to 0.3. The model parameter 

A' is given by 

A' 	1 _  2(R+1)( =)R+1 	 (2.8) 

The pore pressure increase during the Nth cycle is given by 

n(N) = 	a 	 (2.9) (a+bN) (a—b+bN) 
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Parameters `a' and `b' can be determined using Fig. 2.18. The observed pore pressure 

increase in the Nth cycle in Fig. 2.18 in excess of that in Eq. (2.9) is due to function , 

f(4). 

f(u) = pore pressure increase during Nth cycle — n (N) 	(2.10) a' v 

d) Byrne and McIntyre (1994) method: Byrne and McIntyre (1994) modified Eq. (2.3), 

and presented the following, simplified, expression for the incremental volumetric strain: 

Asd = rlcl exp ( -CZ E"d) 
11 

(2.11) 

Values of Byrne and McIntyre's constants, C1  and C2 are presented in Table 2.1 as a 

function of relative density and SPT blow count. 

The total pore pressure increment, Au is given by Au= E',. DEd . E', is given by following 

equation 

(w)1-m 

Er' a  

mk 2( o )n—m 
Pa 

(2.12) 

where, parameters m, k2, and n may be obtained from three unloading curves from 

different initial vertical stresses o;,o  . On the basis of data presented by Martin et al. 

(1975), and Seed et al.(1978), values of the parameters in Eq. (2.12) were taken as 

follows: for Dr = 45%; n = 0.62; m. = 0.435; and k2 = 0.0028; for Dr  = 60%; n = 0.62; m = 

0.45 and k2 = 0.00167. 

Table 2.1 Byrne and McIntyre's Constants (Byrne and McIntyre, 1994) 

(Ni)60 Dr (%) Ci C2 

5 34 1.00 0.40 

10 47 0.50 0.80 

20 67 0.20 2.00 

30 82 0.12 3.33 

40 95 0.06 6.66 
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Fig. 2.18 Determination of `a' and `b' (Kagawa and Kraft, 1981) 
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2.2.2 Evaluation of Liquefaction Potential 

Evaluation of resistance of the soil to liquefaction is an important aspect of geotechnical 

engineering practice. A methodology termed the "simplified procedure' has been evolved 

as a standard of practice for evaluating the liquefaction resistance of soils over the past 38 

years. Seed and Idriss (1971) developed and published the basic "simplified procedure" 

after the disastrous earthquakes in Alaska and Niigata, Japan in 1964. Since then, it has 

been modified and improved periodically, mainly by papers by Seed (1979), Seed and 

Idriss (1982), and Seed et al. (1985). In 1985, on behalf of National Research Council, 

Professor Robert V. Whitman convened a workshop in which 36 experts reviewed the 

state of art of evaluating liquefaction potential. In 1996, Youd and Idriss convened a 

workshop of 20 experts to update the "simplified procedure" based on the research done 

during the past decade. The workshop discussed several field tests which gained common 
usage for the evaluation of liquefaction resistance such as standard penetration test (SPT), 

cone penetration test(CPT), shear wave velocity measurements(V) and the Becker 

penetration test (BPT). SPT and BPT are preferred generally because of the more 

extensive database and past experience (Youd et al., 2001). The procedure based on SPT 

proposed by the Workshop is adopted for the present study and is explained in section 

3.1. Idriss and Boulanger (2006) presented an update for the semi-empirical field-based 

procedures that are used to evaluate the liquefaction potential. They re-examined the 

existing procedures and revised relations were proposed. 

Gupta and Sharma (1977) reported that Seed and Idriss (1967, 1971) method did not give 

consideration to the progressive development of liquefaction and spreading of liquefying 

zone. Also they observed that dense sand liquefy to large extend when analysed using 

Seed and Idriss (1971) procedure. But from Shake table studies conducted by Gupta and 

Prakash (1977) observed that sand may not liquefy if relative density is greater than 65% 

(i.e. dense sand). Gupta and Prakash (1986) proposed that Vibration table studies can be 

considered to represent the field condition with sufficient degree of confidence. 

2.3 LATERAL RESPONSE OF PILES 

Pile foundations are frequently subjected to lateral loads in harbour and off shore 

structures, transmission tower structures, pile supported earth retaining structures and 

structures in earthquake prone areas. In the design of pile foundations against lateral 
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loading, two criteria, must be satisfied: 1) the pile must have an adequate factor of safety 

against the maximum lateral loading that might be applied to it, and 2) the deflection that 

occurs due to a working load must be in an acceptable range that superstructure can 

withstand (Poulos and Davis, 1980). In liquefiable soils, piles should be designed for 

lateral loads neglecting lateral resistance of soil layers liable to liquefy. IS 1893 (Part 1, 

2002). 

Several analytical methods have been proposed to model lateral pile response, none of 

which can completely account for all factors that influence lateral soil-pile interaction. 

They include the Elastic Continuum approach, Subgrade Reaction Approach and the 

concept of p-y curves and the Finite element Method. 

2.3.1 Elastic Continuum Approach 

The Elastic Continuum using Boundary Element method was widely used to analyze the 

lateral response of pile between 1960 and 1980. This solution was used by many 

researchers (e.g., Spillers and Stoll (1964), Poulos (1971), Banerjee and Davies (1978) 

and Davies and Budhu (1986)) to analyze the response of a pile subjected to lateral 
loading. All of these analyses are similar in principle; the differences arising largely from 

details in the assumptions regarding the pile action. The main advantage of this approach 
is that continuity of soil is taken into account. But it is having number of disadvantages 

also. The main being, soil is assumed to be homogenous, isotropic and semi infinite, but 
in reality soil is irregular and Poisson's ratio and Young's modulus changes with depth. 

To account for this several researchers have proposed solutions for varying soil profiles. 

Poulos (1973) and Banerjee and Davies (1978) proposed solutions for a layered soil. 

Banerjee and Davies (1978), and Budhu and Davies (1988) provided solutions for soil 

with linearly increasing soil modulus with depth. Elastic Continuum using Modified 

Boundary Element method was proposed to account for soil yielding by incorporating an 

elasto-plastic soil model. Davies and Budhu (1986) developed a method to predict the 

behavior of a laterally loaded pile by taking into account soil and pile yielding. 

2.3.2 Subgrade Reaction Approach 

The subgrade reaction method currently appears to be the most widely used in a design of 

laterally loaded piles. The method was first introduced by Winkler in 1867 to analyze the 

response of beams on an elastic subgrade by characterizing the soil as a series of 

independent linearly-elastic soil springs. The greatest advantage of this method over the 

27 



elastic continuum approach is that the idea can be easily programmed using Finite 

difference or Finite element methods (Juirnarongrit and Ashford. 2005). The soil non-

linearity and multiple soil layers can be taken into account. Also for dynamic analysis, 

this method seems to be easier. The main disadvantage is the lack of continuity, since real 

soils are to some extent continuous. Barber (1953) developed the solutions to determine 

the deflections and rotation at the ground surface for cases of constant soil modulus of 

subgrade reaction, as well as the linearly increasing soil modulus of subgrade reaction 

with depth. Matlock and Reese (1960) provided the solutions for a soil profile where the 

modulus of subgrade reaction has some finite value at the ground surface and continues to 

increase linearly with depth. Davisson and Gill (1963) used the subgrade reaction theory 

to analyze the behavior of laterally loaded piles in a two-layer soil system for both free 

and fixed head conditions and provided the results in non-dimensional forms. Ramasamy 

(1974) used the subgrade reaction theory to study the flexural behavior of axially and 
laterally loaded piles. 

In order to account for soil non-linearity, the linear soil springs are replaced with a. series 

of nonlinear soil springs, which represent the soil resistance-deflection curve so called, 

"p y" curve. The p-y curves of the soil have been developed based on the back analysis of 

the full scale lateral pile load test. Another advantage ofp-y curves is that, the error due to 

soil continuity can be overcome through calibrating p-y curves to full-scale test results. 

Several researchers have worked on the concept of p-y curves. (e.g., Matlock (1970), 

Reese et al. (1974), Reese and Welch (1975), Reese et al. (1975), and Ismael (1990)). 

Novak (1974) was the first to use a Winkler model for the representation of laterally 

loaded pile in visco-elastic medium. Winkler type models for seismic analysis of piles in 

liquefiable soils have been developed by Kagawa (1992), Yao and Nogami (1994), Fujii 

et al. (1998) and Liyanapathirana and Poulos (2005a). Wilson et al. (2000) presented the 

first measurements of dynamic p-y behavior for liquefying sand. Boulengar et al. (2003) 

observed that the subgrade reaction against a pile in liquefying soil is dependent on the 

excess pore pressures throughout the soil, both near the pile and away from the pile. 

Liyanapathirana and Poulos (2005a) presented a method to determine the non linear 

spring constants of Winkler model based on Mindlin's equation. The spring coefficient in 

the spring dashpot model gets degraded with the amount of pore pressure development. 

Liyanapathirana and poulos (2005b) presented a pseudostatic approach for pile analysis in 
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liquefiable soils. Nath (2006) used Winkler model to study the pile soil interaction for 
axially and laterally loaded piles in liquefiable soils. 

2.3.3 Finite Element Method 

This method is being extensively used now a day because of the availability of 

computational power of computers. Also this method can incorporate soil non-linearity as 

well as soil continuity. This method is the most powerful because, most of the aspects 

which other methods cannot investigate such as, the stress and strain in the soil mass, the 

influence of gapping, and the effect of construction sequencing can be studied using this. 

However the efficiency of this method still depends upon the ability to predict the soil 

properties and also the accuracy of constitutive soil models. Another disadvantage is the 

high computation time required especially for 3 — D analysis. Several researchers have 

used Finite element to solve the problem of lateral analysis of piles. A 3-D finite element 

solution for the laterally loaded pile problem was developed by Desai and Appel (1976). 

Kooijman (1989) and Brown et al. (1989) used three-dimensional finite elements to 

develop p-y curves. Bransby (1999) implemented a 2-D finite element analysis to find 

load-transfer relationships for laterally loaded pile and suggested that these curves could 

be used as p y curves in the analysis of laterally loaded piles. 

Finn and Thavaraj (2001) validated their 3-D soil-water coupled analysis method for the 

results of shaking table tests with group-piles in liquefiable ground under gravitational 

and centrifugal field. Uzoka et al. (2007) simulated the process of damage to a pile 

foundation located in reclaimed land with 3 D soil-water-coupled analysis using soil-pile-

building model. 
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Chapter -3 

NUMERICAL MODELING AND FORMULATION FOR 

LIQUEFACTION 

Liquefaction is the phenomenon of transformation of a granular material from a solid to a 

liquefied state as a consequence of increased pore-water pressure and reduced effective 

stress. This change occurs most readily in loose to moderately dense granular soils with 

poor drainage, such as silty sands or sands and gravel containing seams of impermeable 

sediment. Under earthquake shaking, soil layers may lose its shear strength fully or 

partially depending up on the amount of excess pore pressure generated. The loss of 

complete shear strength of soil is termed complete liquefaction. In case of complete 

liquefaction the effective stress, 	reduces to zero. The soils which lose its strength 

partially will be referred as partially liquefied soil in this study. For partial liquefaction 

case, a' will be greater than zero but less than the static effective stress. Complete and 

partial liquefaction are assessed through the modified 'Simplified Procedure' by Youd et 

al. (2001). This procedure was first suggested by Seed and Idriss (1971). The excess pore 

pressure generated in the case of fully liquefiable soil will be greater than or equal to the 

effective stress under static condition. So the net effective stress will be zero. For partially 

liquefied soil, excess pore water pressure is generated but is less than the static effective 

stress. This excess pore pressure generated is estimated adopting the procedure given by 

Seed et al. (1976). 

3.1 EVALUATION OF LIQUEFACTION 

The Factor of safety (FS) against liquefaction is evaluated as (Youd et al. 2001) 

FS = (CRR7.5/CSR)*MSF 
	

(3.1) 

Where 

CRR7.5  — Cyclic Resistance ratio at Earthquake Magnitude of 7.5. It is the capacity of 

soil to resist liquefaction or the cyclic stress required to generate 

liquefaction for earthquake magnitude 7.5. 

CSR — Cyclic Stress Ratio. It is the seismic demand on a soil layer or the cyclic shear 

stress generated by the earthquake shaking. 
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MSF — Magnitude Scaling Factor. The methods available to estimate the CRR values 

are applicable to earthquakes of magnitude 7.5. In order to adjust the values to 

magnitude smaller or larger than 7.5, Seed and Idriss (1982) introduced this 

correction factor. 

Thus evaluation of liquefaction requires estimation of CRR and CSR. 

3.1.1 Estimation of CSR 

Seed and Idriss (1971) formulated the following equation for calculation of the cyclic 
stress ratio. 

CSR = (Ta- ) = 0.65 (amax) (~fo) rd 	 (3.2) 
orvo  9  V,0 

Where a,,,ax = peak horizontal acceleration at the ground surface generated by the 

earthquake. 

g = acceleration due to gravity 

avo and 6wo' are total and effective vertical overburden stresses at the depth 

considered respectively and 

rd = stress reduction coefficient which accounts for flexibility of the soil profile 

(Fig. 3.1). 

tai = average cyclic shear stress 

In cyclic stress approach, the basic assumption is that excess pore pressure generation is 

fundamentally related to cyclic shear stresses, hence the seismic loading is expressed in 
terms of cyclic shear stresses. The seismic loading can be predicted in two ways: by a 

detailed ground response analysis or by using a simplified approach (Kramer, 1996). In 

this study simplified approach is adopted as shown in Eq. 3.2. Here iav is taken as 0.65 

times peak cyclic shear stress,imax. 

Stress reduction coefficient (rd): For routine practice and non critical projects, the 

average values of rd as given by following equations (Liao and Whitman, 1986) may be 
adopted. 

rd=1.0-0.00765z for z<9.15m 	 (3.3a) 

rd= 1.174-0.0267z for 9.15m<z<23m 	 (3.3b) 

Where z is the depth below the ground in meters 
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Values of rd calculated from Eq. 3.3a and 3.3b are plotted in Fig. 3.1, along with the mean 

and range of values proposed by Seed and Idriss (1971). 

For ease of computation, the mean curve plotted in Fig. 3.1 may also be approximated by 

the following equation (Youd et al. 2001). 

rd = 1.0-0.4113*z°.5+0.04052*z+0.001753*z1.5  

1.0-0.4177*z °•5+0.057292-.006205 *21.5+0.001210 *z2  
(3.3c) 

Eq. (3.3c) yields essentially the same values for rd as (Eq. 3.3a and Eq. 3.3b), but is 

easier to program and can be used in routine engineering practice. 

Stress Reduction Coefficient, r 
0.0 	 1,0  

Fig. 3.1. rd versus Depth Curves Developed by Seed and Idriss (1971) with Added 
Mean-value Lines. (Youd et al. 2001) 

Evaluation of a.ax: The preferred method for estimating am  is through empirical 

correlations of a,,,,,,, with earthquake magnitude, distance from the seismic energy source, 

and local site conditions. For soft sites and other soil profiles where these attenuation 

relationships are not compatible, am ax  can be estimated by local site response analyses 

(Youd et al. 2001). Also value of aura, is calculated based on location of site in different 

seismic .zones. 



Equation for estimating the median peak acceleration at soft soil sites were given by 

following equations (Idriss, 1991) and also shown in Fig. 3.2. 

ForM<6 

Ln (ay ) = exp(1.673 — 0.137 * M) — exp(1,285 -- 0.206 * M) * Ln(R + 20) (3.4a) 

ForM>6 

Ln (ag ) = exp(2.952 — 0.350 * M) — exp(2.015 — 0.328 * M) * Ln(R + 20) (3.4b) 

Where, M = earthquake magnitude. 

R = closest distance to the source in km. 

Also a number of intensity-acceleration relationships have been proposed as shown in 

Fig. 3.3 (Kramer, 1996). 

3.1.2 Estimation of CRR 

A plausible method for evaluating CRR is to retrieve and test undisturbed soil specimens 

in the laboratory. Unfortunately, in situ stress states generally cannot be re-established in 

the, laboratory, and specimens of granular soils retrieved with typical drilling and 

sampling techniques are too disturbed to yield meaningful results. To avoid the 

difficulties associated with sampling and laboratory testing, field tests have become the 

state-of-practice for routine liquefaction investigations. Several field tests have gained 

common usage for evaluation of liquefaction resistance, including the standard 

penetration test (SPT), the cone penetration test (CPT) and shear-wave velocity 
measurements (Vs). SPT and CPT are generally preferred because of the more extensive 

database and past experience, but the other tests may be applied at sites underlain by 

gravelly sediment or where access by large equipment is limited (Youd et al. 2001). 

Primary advantages and disadvantages of each test are listed in Table 3.1. 

CRR based on SPT: Criteria for evaluation of liquefaction resistance based on the SPT 

have been rather robust over the years. Those criteria are embodied in the CRR versus 

(N1)60 plot as shown in Fig. 3.4. (N1)60 is the SPT blow count normalized to an 

overburden pressure of approximately 100 kPa (1 ton/sq ft) and a hammer energy ratio or 
hammer efficiency of 60%. Fig. 3.4 is a graph of calculated CRR and corresponding 

(N1)6o data from sites where liquefaction effects were or were not observed following past 

earthquakes with magnitudes of approximately 7.5. 
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Fig. 3.2 Median Peak Horizontal Acceleration at Soft Soil Sites (Idriss, 1991). 

Her5hberer (1956) 

Fig. 3.3 Proposed Relation between Peak Horizontal Acceleration and Modified 

Mercalli intensity (Kramer, 1996) 
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Table 3.1 Comparison of Advantages and Disadvantages of Various Field Tests for 

Assessment of Liquefaction Resistance. (Youd et al. 2001) 

Test type 
Feature SPT CPT Vs  

Past measurements Abundant Abundant Limited at liquefaction sites 
Type of stress-strain 

behaviour large strain large strain Small strain 
influencing test 

Quality control and Poor to good Very good Good repeatability 
Detection of Good for closely Fair 

variability soil spaced tests Very good 
deposits 

Soil types in which Non-gravel, Sand, Non-gravel All test is recommended Cohesionless 
Soil sample Yes No No retrieved 

Test measures index 
or engineering Index. Index Engineering 

property 

The SPT values are affected by several factors. Correction should be applied to the values 

before use. Equation given below incorporates these corrections. 

(N1)60 = NmCNCECBCRCS 
	 (3.5) 

Where N,,, = measured standard penetration resistance 

CN = factor to normalize Nm to a common reference effective overburden stress 

CE = correction for hammer energy ratio (ER) 

CB = correction factor for borehole diameter 

CR = correction factor for rod length and 

Cs = correction for samplers with or without liners. 

Corrections to be applied are as shown in the Table 3.2. In addition to these, fines content 

and grain characteristics also influence SPT results. 

35 



s. 

M 

.4 

x1 

Corrected Blow Count (N1)50 

FIG. 3.4 SPT Curve for Magnitude 7.5 Earthquakes with Data from Liquefaction 

Case Histories (Youd et al. 2001) 

The SPT N-values increase with increasing effective overburden stress. Therefore an 

overburden correction factor is applied, which is calculated from either of following two 

equations proposed by Liao and Whitman (1986) and Kayen et al. (1992) respectively. 

Ua0.5
C N

—; 
	 (3.6a) 

C  N  _ 	2.2 I 	 (3.6b) 
1.2 + P a 



Where CN normalizes N,,, to an effective overburden pressure ago of approximately 100 

kPa. i.e. Pa  = 100 kPa =1 atmospheric pressure. The maximum value of CN  is limited to 

1.7. Eq. 3.6b provides a better fit for pressures up to 300 kPa (Youd et al. 2001). 

Table 3.2 Corrections to SPT N Values (Youd et al. 2001) 

Factor Equipment variable Term Correction 

Overburden pressure - 
CN 1' 	0.5 a 

6vo 
Overburden pressure - CN CN <_ 1.7 

Energy ratio Donut hammer CE 0.5-1.0 
Energy ratio Safety hammer CE 0.7-1.2 
Energy ratio Automatic-trip Donut-type hammer CE 0.8-1.3 

Borehole diameter 65-115mm CB 1.0 
Borehole diameter 150mm CB 1.05 
Borehole diameter 200mm CB 1.15 

Rod length < 3m CR 0.75 
Rod length 3-4m CR 0.8 
Rod length 4-6m C]( 0.85 
Rod length 6-1Om CR 0.95 
Rod length 10-30m CR 1.0 

Sampling method Standard sampler Cs 1.0 
Sampling method Sampler with liners Cs 1.1-1.3 

For liquefaction resistance calculations and rod lengths < 3 in, a CR of 0.75 should be 

applied as was done by Seed et al. (1985) in formulating the simplified procedure. 

Although application of rod-length correction factors listed in Table 3.2 will give more 

precise (N1)60 values, these corrections may be neglected for liquefaction resistance 

calculations for rod lengths between 3 and 10 m because rod-length corrections were not 

applied to SPT test data from these depths in compiling the original liquefaction case 

history databases. Thus rod-length corrections are implicitly incorporated into the 

empirical SPT procedure (Youd et al. 2001). 

The (N1)60 values obtained after these corrections can be used to determine the CRR 
values from the graph given in Fig. 3.4. CRR curves on this graph were conservatively 
positioned to separate regions with data indicative of liquefaction from regions with data 

indicative of non-liquefaction. Curves were developed for granular soils with the fines 
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contents of 5% or less, 15%, and 35% as shown on the plot. The CRR curve for fines 

contents <5% is the basic penetration criterion for the simplified procedure and is referred 

as the "SPT clean sand base curve." The CRR curves in Fig. 3.4 are valid only for 

magnitude 7.5 earthquakes. 

Influence of Fines Content: Seed et al. (1985) noted an apparent increase of CRR with 

increased fines content. Eq. (3.7), Eq. (3.8) and Eq. (3.9) give approximate corrections for 

the influence of fines content (FC) on CRR. Other grain characteristics, such as soil 

plasticity, may affect liquefaction resistance as well as fines content, but widely accepted 
corrections for these factors have not been developed. Hence corrections based solely on 

fines content should be used with engineering judgment and caution. 

The following equations (Youd et al. 2001) were developed by Idriss and Seed for 
correction of (N1)60 to an equivalent clean sand value, (NI)6o,s, 

(N1)60cs 0 + w (N1)60 
	

(3.7) 

Where a and (3 = coefficients determined from the following relationships: 

0=0 

0 = exp [ 1.76 - (190/FC2)] 

0=5.0  

w = 1.0 

w = [0.99 + (FC"S /1000)] 

w = 1.2 

for FC <5% 

for5%<FC<35% 

for FC >_ 35% 

forFC<_5% 

for5%AFC<35% 

for PC 35% 

(3.8a) 

(3.8b) 

(3.8c) 

(3.9a) 

(3.9b) 

(3:9c) 

These equations may be used for routine liquefaction resistance calculations. A back-
calculated curve for a fines content of 35% is essentially congruent with the 35% curve 

plotted in Fig. 3.4. The back-calculated curve for a fines content of 15% plots to the right 

of the original 15% curve. 

Idriss and Boulanger (2006) gave a simpler equation for the correction as follows. 

(N1)60cs (N1)60+ A(N1)60 

 

(3.1 Oa) 

9.7 	15.7 lz 
~(Ni)6o = exp(1.63 + Fc+0.1 — (Fc+0.1 ) 

Where FC is fines content in percentage. 

(3.1 Ob) 
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The clean-sand base curve plotted in Fig. 3.4 is approximately given by the following 

equation (Youd et al. 2001). 

_ 	1 	(N1)6o  cs 	 50 	 1 	( 	) 
34-. (Ni)6oCs + 135 + [ i0(N1)6oc5  45]2 	200 	3.11 

Equation (3.11) is valid for (NI)6o < 30. For (N1)60cs  > 30, clean granular soils are too 

dense to liquefy and are classified as non-liquefiable. Eq. 3.11 may be used in 

spreadsheets and other analytical techniques to approximate the clean-sand base curve for 

routine engineering calculations. 

Magnitude Scaling Factor (MSF): The clean-sand base or CRR curves in Fig. 3.4 apply 

only to magnitude 7.5 earthquakes. To adjust the clean-sand curves to magnitudes smaller 
or larger than 7.5, Seed and Idriss (1982) introduced correction factors termed 

"magnitude scaling factors (MSFs)." These factors are used to scale the CRR base 

curves upward or downward on CRR versus (N1)60 plots. 

Many investigators have suggested MSF values as shown in Fig. 3.5. For M < 7.5, the 
lower and upper bound values are given, respectively by equations (3.12a) and (3.12b) 

respectively. 

102.24 
MSF = 

M256 
	 (3.12a) 

M 2.56 
MSF = () 	 (3.12b) 7.s 

where M is the earthquake magnitude. 
Eq. 3.12a was proposed by I M Idriss in 1995 during Seed Memorial Lecture. Eq. 3.12b 

was qiven by Andrus and Stokoe (1997). The MSF values from Eq. 3.12a may be used in 

engineering practice as this provides a conservative estimate of Factor of Safety against 

liquefaction (Youd et al. 2001). 

3.1.3 Steps to evaluate Factor of Safety 

1. Estimate CSR 

a) Calculate rd using Eq. 3.3c or Fig. 3.1. 
b) Calculate a,,, from Fig. 3.2 or given based on Earthquake records or seismic 

zone. 
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c) Determine the value of total and effective stresses at the point where CSR is 

to be estimated. 

d) Obtain CSR from Eq. 3.2. 

2. Estimation of CRR7.5 

a) Apply corrections to obtain (N1) 60 from N,,, using the values given in Table. 

3.2. For CN  correction, use Eq. 3.6b. 

b) Apply the correction of fines to (N1) 60 using Eq. 3.1 Oa and Eq. 3.l Ob to get 

(N1) 6ocs. 

c) Calculate CRR7,5 from Eq. 3.11 

3. Compute MSF using Eq. 3.12a. 

4. Compute Factor of safety from Eq. 3.1. 

4 

2 

0 
60 	 70 	 SO 
EarthquakeMagrntude*M` 

Fig. 3.5. Magnitude Scaling Factors Derived by Various Investigators 

(Youd et al. 2001) 

3.2 EVALUATION OF GENERATION OF PORE WATER PRESSURE 

In recent years much progress has been made in developing procedures for evaluating 

generation of pore pressure during earthquake shaking. Several pore pressure generation 

models are available in literature. Some of them are Seed et al. (1976), Finn et al. (1977), 
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Kagawa and Kraft (1981), Byrne (1991), Byrne and McIntyre (1994) etc. The adopted 

Seed et al. (1976) method involves both generation and dissipation of pore water 

pressure. In the present study only pore pressure generation is estimated and dissipation is 

neglected. 

The procedure is as explained below. (Seed et al. 1976) 

1. Determine the equivalent number of uniform stress cycles, Neq , and the effective 

period of each stress cycle, Teq, representing the induced stress history. 

Corresponding values of Neq  and shaking duration for different earthquakes are 

given in Table 3.3. 

Table 3.3 Earthquake magnitude and the corresponding values of Neq  and 

shaking duration (Seed et al. 1976). 

Earthquake 

magnitude N"1  
Duration of strong shaking in 

seconds 

5.5-6 5 8 

6.5 8 14 

7 12 20' 

7.5 20 40 

8 30 60 

2. Using ratio CSR/CRR7,5 Determine from Fig. 3.6, the number of stress cycles 

required to produce a condition of initial liquefaction (NL) for different depths in 

the deposit. 

Fig: 3.6 give the normalized curve for CSR versus NL obtained by conducting 

Cyclic Triaxial tests on 13 sand samples (Jefferies and Bean, 2006). Here the CSR 

value is normalized by the cyclic resistance ratio at an earthquake magnitude 7.5, 

which is nothing but CRR7,5  given by Eq. 3.11. So find CSR and CRR7,5 by 

`Simplified Procedure' explained in section 3.1. Then read from Fig. 3.6, the 

value of N. 

3. From the known values of Neq/NL at various depths, the rate of pore pressure 

build-up,  9  is determined as follows. For each elemental layer of the deposit, 

assuming it undrained, find pore water pressure r„ using curve from data as shown 

in Fig. 3.7 or represented by equation (3.14a) or (3.14b). 
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rN  = [ ( 1 — cosirr,,)]°` 
	

(3.13a) 

ru  = z + !arc sin(2r11  a — 1) 
	

(3.13b) 

Where a = a function of soil properties and test conditions. A value of a = 0.7 

provides a best fit as shown by dotted lines in Fig. 3.7. rE, and r„ are given by the 

equations below. 

rN  = N/NL 	 (3.14a) 

ru = uga„o 
	 (3.14b) 

where N = number of applied stress cycles. 

The rate of pore pressure generation q =  t9, may be approximated by expression 

_ U9 —uo  
q 
	

(3.15) 16t 
where uo = the excess pore water pressure at time to 

ug  = the excess pore pressure that would develop at time t1= to + dt, if 

system is undrained. 

At = Time increment 

a) At time to = 0, uo = 0, the pore pressure ratio, r„ is equal to zero. From Fig. 3.7 the 

value of equivalent undrained cyclic ratio, rNo = 0, then at time (to + dt) , the value 

of cyclic ratio if system were undrained would be 

rN 1  = rNo + d rN 	 (3.16a) 

Where drN= the increase in cyclic ratio for undrained conditions over the time 

increment, dt. 

b) QrN  is defined by 
AN drN = NG  

(3.16b) 

AN = the fraction of equivalent cycle occurring in the time increment, ®t, 

NL = number of cycles required to cause liquefaction under undrained conditions 

at stress level, ieq. 

Accordingly, 	dN = T Neq 
	 (3.16c) 



3 

2 

2 

Where T= duration of strong earthquake shaking as given in Table 3.3 for 

different earthquake magnitudes. 

Substituting Eq. 3.16c in Eq. 3.16b, it becomes 
dtNeq drN =~ NL (3.16d) 

c) Having obtained drN in this way, rrl may be determined from Eq. (3.16a) and ug 

from Eq. (3.13b) with rN= rNi and rt,= ug/avo . 

d) By repeating step `c' for the next time increments (t = 2At, 3At, 40t 'etc.) with 

newly obtained values of rNO (rNo —r of previous step), we can obtain ug at 

different time increments. Continue the cyclic process and find the pore pressure 

generated at the end of t = T seconds. It will be the pore pressure generated at the 

end of earthquake shaking. 

4. Repeating step 3 for different depths, the pore pressure generated due to earthquake 

shaking is determined at all the required soil depths. 

1 	10 	100 	1000 

Number of cycles to liquefaction 

Fig. 3.6 Cyclic Triaxial Test Data Normalized to cyclic Resistance Ratio for M = 7.5, 

CRR7.5 (Jefferies and Bean, 2006) 
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Cyclic ratio, rN (N/NL) 

Fig. 3.7 Rate of Pore Pressure Build-up in Cyclic Simple Shear Tests (Seed et al. 

1976) 

3.3 FLOW CHART 

The algorithm of the pore pressure generation model is given below in the form of flow 

chart (FC. 3.1). 
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START 

Enter the value of y, ysat, water table position, M, and SPT N values, Naq, T I 

I Apply corrections to SPT N values 

Calculate CSR and CRR7.5 using simplified procedure' and hence find NL 

I 	 Enter the time increment, 0t 

At t=0, take uo = 0, rNO = 0 

itNeQ 
r -----T N~ 

Calculate rN = rN previous + 4N 

I Calculate r from equation 3.13 b and hence Ug 

t = tpruvious + Ot 

NO -Ift>=T YES 

Take final step U., as the excess pore 
pressure due to ground shaking 

STOP 

FC. 3.1 Generation of Pore water pressure 
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Chapter-4 

LATERAL CAPACITY OF PILES 

In majority of the cases, the safe lateral load is based on limiting the deflection at the pile 

head and not the ultimate lateral load. In the past, empirical formulations from full-scale 

lateral load tests were used for pile design practice. Nowadays, theoretical approaches for 

predicting lateral movement have been developed extensively. Two approaches have 

generally been employed:- 

i. The subgrade reaction approach in which the continuous nature of the soil 

medium is ignored and the pile reaction at a point is simply related to the 

deflection at that point. 

ii. The elastic approach, which assumes the soil to be an ideal elastic continuum. 

The methods based on subgrade reaction approach are briefly explained here along with 

the methodology adopted in the present study to determine the lateral response of pile in 

liquefiable soils. 

4.1 MODULUS OF SUBGRADE REACTION APPROACH 

The subgrade reaction model of soil behaviour, which was originally proposed by 

Winkler in 1867, characterizes the soil as a series of unconnected linearly elastic springs. 

The subgrade reaction approach has been widely employed in foundation practice 

because it provides a relatively simpler means of analysis and enables factors such as 

non-linearity, variation of soil stiffness with depth, and layering of soil profile to be taken 

into account. The disadvantage of this soil model is the lack of continuity; real soil is 

continuous at least to some extend since the displacements at a point are influenced by 

stresses and forces at other points within the soil. 

The differential equation governing the deflection of laterally loaded pile is given by 

equations given below. (Prakash, 1981) 

EI d4y = dx4  (4.1 a) 

rr 



p= k,Y 
	 (4. l b) 

EI  dx4  + kh y = 0 	 (4.1 c) 

Where, E = Youngs modulus of pile material 

I = Moment of Inertia of pile 

p = soil reaction 

Kh = Modulus of Horizontal subgrade reaction 

y = Deflection of pile 

x = depth below the pile head level 

Modulus of Horizontal subgrade reaction, Kt, for cohesionless soil at a given depth 

is given by the following relation. (Prakash, 1981) 

Kh = nh  * x 	 (4.2) 

Where nh = coefficient of subgrade reaction (units of force/length3 ) 

For piles in sand, assuming that the modulus of elasticity depends only on the overburden 

pressure and the density of the sand, Terzaghi gave the relation as follows. (Poulos and 

Davis, 1980) 

nh  = Ay kN/m3 	 (4.3) 

Where y is taken as submerged or dry unit weight of soil as applicable in kN/m3  

Typical values of the factor A applicable to cohesionless soils are shown in Table 4.1. 

Table 4.1 also shows the correlation between SPT N values and factor A. 

Substituting Eq. 4.3 in Eq. 4.2 

Kh = AY  * X 	 (4.4) 
1.35 

Kh = A  * ceff 	 (4.5) 
1.3 5 

Where 6eff is the Effective overburden stress given by 

clef! = Y * x 	 (4.6) 
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Table 4.1 Values of Factor A (Vide Poulos and Davis, 1980) 

Relative density Loose Medium Dense 

SPT N Values 4-10 10-30 30-50 

Range of values of 
A 100-300 300-1000 1000-2000 

Adopted values 200 600 1500 

l 
GL 	 y 

Stool roc tion a 

P 

Shb:t of 
i 

 
Pic 	p=Kh .y 

11 	 y = pile deflection at depth x 

p i t el   1  Kh = Modulus of horizontal subgrade 
reaction 

EI = Flexural rigidity of pile 

Fig. 4.1 Deflection of Laterally Loaded Pile 
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The pile can be represented by a number of nodal points as shown in fig: 4.2. 
-2 

-1 

♦ Q I  n 

n+l 

n+2 • 
Fig. 4.2 Finite Difference Analysis of Laterally Loaded Pile 

Discretizing Eq. (4.1c) using finite differences, at any node i, the differential equation is 
given by 

El 
h4  (Yi-2 - 4Yi-1 + 6Yi — 4Yi+s + Yi+2) + KhIYi = 0 (4.7) 

At each nodal point, an equation in the form Eq. 4.7 can be written. The equations involve 

four additional imaginary nodal points, two near the pile head and two near the pile tip. 

Thus, for n nodal points on the pile, `n' equations can be written having (n+4) unknowns. 

The four unknowns at the imaginary nodal points can be obtained and substituted by 
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using appropriate boundary conditions. Remaining `n' unknowns can be obtained by 
solving the `n' equations. Thus the solution of equations will give the deflections and 

hence the moments at the nodal points. 

The boundary conditions are as given below. (Poulos and Davis, 1980) 

a) Fixed head pile 

i. At the pile head (x=0), slope=0 
d i.e. dx  0 	 (4.8) 

ii. At the pile head (x=0), Shear force (SF) = Applied lateral load (Q) 

i.e. EI d3y  =Q 	 (4.9) 
dx3  

b) Hinged pile head 

i. At the pile head (x=0), moment =0 
z 

i.e. EI  d  y  = 0 	 (4.10) dxz 

ii. At the pile head (x=0), Shear force = lateral load 
3 

i.e. EI d y  =Q 	 (4.11) 
dx3  

c) Fixed pile tip 

i. At the pile tip (x=L), slope=0 
d i.e. dX = 0 	 (4.12) 

ii. At x= L, deflection-0 

i.e. y„ =O 	 (4.13) 

d) Free pile tip 

i. At x=L, moment=0 
z 

i.e. El  dz  = 0 	 (4.14) 

ii. At x=L, shear force=0 
3 

i.e. EI  dx  = 0 	 (4.15) 

After getting deflections, moments (BM) and shear force (SF) may be obtained at any 

node by following equations. 
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ay 
BM i = EI d xz = 

El
(Yi-1 — 2Yi + Yi+1) 	 (4.16) 

SF, = h3 (Yi+2 — 2Y+1 + 2)/i-1 — Yi-2) 	 (4.17) 

4.2 EQUIVALENT CANTILEVER METHOD 

The Equivalent Cantilever Method proposed by Davisson and Robinson (1965) enables 

the pile to be treated conveniently as a cantilever. This method is based on Modulus of 

Subgrade Reaction Approach. The lateral capacity of piles is invariably governed by 

limiting lateral displacement. The lateral displacement and therefore the lateral capacity 

of piles can be estimated using `Equivalent Cantilever method' as explained below 

(Ramasamy et al. (1987), IS: 2911 (Part 1/Sec 4) — 2002). 

The method described below is applicable to both fully and partially embedded piles. In 

the case of bridge pier foundations, the lateral soil support up to the scour depth is not 

considered. i.e. the length of pile up to scour depth will have to be treated as unsupported 

length (LI). 

2.1 

1 

1 

•30 

FREE HEAD PILE 
----FIXED  HEAD PiL 

Q', 

I SOOUR °~ 

LEVEL 

PILES IN' , NO 

L1/T 

Fig. 4.3 Determination of Depth of Fixity (Lf) (IS: 2911 (Part 1/Sec 4) — 2002). 
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The pile head deflection of a laterally loaded pile may be computed by analyzing an 

`Equivalent Cantilever' (Fig. 4.3). The results presented in Fig. 4.3 are obtained from an 

analysis based on modulus of subgrade reaction approach. The long flexible pile, fully or 

partially embedded, is treated as a cantilever fixed at some depth below the ground level. 

The length of `Equivalent Cantilever' (Lf + LI) can be obtained using the chart given in 

Fig. 4.3 where Lf is the depth of fixity. 
In Fig. 4.3, T is the relative stiffness factor given by the equation given below. (IS: 2911 

(Part 1/Sec 4) — 2002) 

T - 
 s EI 	 (4.18) 

nh 

nh is given by Eq. 4.3. 

Knowing the length of the equivalent cantilever (Lf + L1), the pile head deflection ( y) 

shall be computed using the following equations. (IS: 2911 (Part 1/Sec 4) — 2002) 

Q* L̀1+L f )3 	 4.19a Y = 	 for free head pile 	 ( 	) 
3*EI 

Q*(L1-I" Lf )3 
y =  

12E1 	
for fixed head pile 	 (4.19b) 

* 

Where Q is the lateral load and Lf is depth of fixity. 

The fixed end moment (MF) of the equivalent cantilever is higher than the actual 

maximum moment (Mact) of the pile. The actual maximum moment is obtained by 

multiplying the fixed end moment of the equivalent cantilever by a reduction factor `m' 

given in Fig. 4.4. The fixed end moment of the equivalent cantilever are given by the 

following equations. (IS: 2911 (Part 1/Sec 4) — 2002) 

MF  = Q*(L1+Lr) 	for free head pile 
	 (4.20a) 

MF  = Q*(Lt+LF)/2 for fixed head pile 
	 (4.20b) 

The actual moment Mact = m*MF 
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4.3 IN LIQUEFIABLE SOILS 

The loss of soil strength and stiffness due to liquefaction may develop large bending 

moments and shear forces in piles founded in liquefying soil, leading to pile damage. 

Using `simplified procedure' (Youd et al. 2001), the soil layers which are prone to 

liquefaction are identified based on the SPT N values. The excess pore pressure generated 

due to earthquake shaking is determined using Seed et al. (1976) model. From the net 

effective stress, the modified value of modulus of horizontal subgrade reaction is 

determined. Using this modified value, the deflection of pile, maximum bending moment 

and shear force developed can be determined using modulus of .subgrade reaction 

approach. Based on these values the pile can be designed. 

4.3.1 Methodology 

The procedure adopted in the present study is explained in this section. The different data 

required as input are listed out. SPT N corrections which seem relevant are only 

considered. Also the computational procedure carried out is explained. 

Input Data: The SPT N values, bulk or saturated densities of soil, earthquake magnitude, 

position of water table, modulus of elasticity (E) and diameter of pile are the basic data 

required as input. Corresponding to the earthquake magnitude, the value of equivalent 

number of uniform stress cycles, Neq  (Table 3.3), duration of earthquake shaking (Table 

3.3) and peak horizontal acceleration at the ground surface (Fig. 3.2) are obtained from 

literature. 

SPT N value corrections: The observed SPT N values are corrected for overburden 

stress using Eq. (3.6 b). This equation is reported to provide better correction for 

overburden pressures up to 300 kPa (Youd et al. 2001). The overburden correction factor 

commonly adopted earlier is given by the following equation (Peck et al. 1974). 

CN  =0.77*Lo91o (
2Q00)  

VO 

Where rr;o  is the effective overburden pressure. 

(4.21) 

A comparison between the corrections given by the two formulae is given in Table 4.2 to 

show the variation in values 
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Table 4.2 Comparison between Values of CN Obtained from Old and New Formulae 

Overburden stress, 6"0(kN/m2) CN = 0.77 * Log10 	
2000 

"0 

CN = 	2 2~, 

1.2 + 100 

20 1.54 1.57 
40 1.31 1.38 
60 1.17 1.22 

80 1.08 1.10 

100 1.00 1.00 

120 0.94 0.92 

140 0.89 0.85 

160 0.84 0.79 
180 0.81 0.73 

200 0.77 0.69 
220 0.74 0.65 
240 0.71 0.61 

260 0.68 0.58 
280 0.66 0.55 
300 0.63 0.52 

It is observed from Table 4.2 that at higher overburden pressure values, there is a 
significant difference in the value of CN when computed using the two formulae. 

The correction for rod length may be neglected for liquefaction resistance calculations for 

rod lengths between 3 m and 10 m, because rod-length corrections were not applied to 

SPT test data from these depths in compiling the original liquefaction case history 

databases. Thus rod-length corrections are implicitly incorporated into the empirical SPT 

procedure. Hence this correction is not applied in the present study. The correction for 

bore hole diameter and sampling method are closer to 1 and hence it is ignored in the 

study. The correction for energy ratio varies over a wider range and the observed `N' 

values corrected for overburden pressure (Eq. 3.6 b) are taken as N60 values. (N60 - Value 

corresponding to 60% energy input). The SPT N values are also corrected for the amount 

of fines present using Eq. 3.10. 
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Computational Procedure: The analysis of pile subjected to lateral load is based on 

modulus of subgrade reaction approach and analyzed using `Finite Difference approach'. 

The pile is divided into required number of nodal points. The values of CSR, CRR and 

Factor of Safety at each nodal point are determined using the `simplified procedure' as 

explained in section 3.1. Using the curve (Fig. 3.6) given by Jefferies and Bean (2006), 

the number of cycles to cause liquefaction (NL) at each nodal point is determined. The 

soil layer located below water table will be fully liquefied under the occurrence of any 

one or both of the following conditions. 

i. If Neq  > NL 

ii. If CSR > CRR 

Once the soil is fully liquefied, the modulus of horizontal subgrade reaction, Kh is taken 

as zero at that nodal point otherwise excess pore pressure generated due to earthquake 

shaking at all other nodal points below the water table is determined using Seed et al. 

(1976) method as explained in section 3.2. Subtracting these values of excess pore 

pressures from the corresponding effective stresses under static condition, the net 

effective stress at all those nodal points is obtained. These net effective stresses are 

substituted in Eq. 4.5 to get the corresponding modified value of modulus of horizontal 

subgrade reaction, Kh at all the nodal points. Using these modified Kh values, the lateral 

capacity of pile is estimated by modulus of subgrade reaction approach as explained in 

section 4.1. 

4.3.2 Program Steps 

1. Input the saturated or bulk densities (ysat  or y) for each layer of soil, the depth of 

water table below ground level (D), modulus of elasticity (E) and diameter of pile 

(d), boundary conditions of the pile, earthquake magnitude (M) and the applied 

lateral load, Q. 
2. Input the observed values of SPT N along the depth of pile and apply the correction 

for overburden and percentage fines content. 
3. Divide the pile into required number of nodal points. Find the value of SPT N at 

nodal points by linear interpolation. 
4. From Eq. 3.2, evaluate the value of Cyclic Stress Ratio (CSR) at each nodal point. 

11 
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5. Using the `simplified procedure' (Youd et al. 2001) explained in section 3.1 for 

evaluation of liquefaction resistance, determine at each nodal point, the value of 

CRR and hence find the Factor of safety. 

6. Determine the number of cycles to cause liquefaction (NL) at each nodal point for a 

particular earthquake magnitude and given soil conditions using the curve (Fig. 3.6) 

given by Jefferies and Bean, 2006 (using values of CSR, CRR7.5 determined in steps 

4 and 5). 

7. If Neq  > NL or if CSR > CRR ,take the value of horizontal subgrade reaction, Kh as 

zero at that nodal point 

8. Else determine the excess pore pressure generated, Ug  at all other nodal points due to 

earthquake shaking using the model proposed by Seed et al. (1976) (section 3.2). 
9. Find the new value of effective stress, av' along all the nodal points by subtracting 

the excess pore pressure generated from the effective stress under static condition. 
10. Determine the value of modulus of horizontal subgrade reaction (Kh) from equation 

4.5 using the value of o' from step 8. 
11. Then using the value of Kh from step 9, follow the method of lateral analysis of pile 

in static case using Modulus of subgrade reaction approach. For getting the finite 

difference solution Gauss-Seidel iteration is adopted. 
12. The program gives the CSR, CRR, excess pore pressure generated, net effective 

stress, Kh, deflection, bending moment and shear force at each nodal point along the 

depth of pile as output in Microsoft excel worksheet which makes it easier for further 

analysis of the results and graph plotting. 
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4.3.3 Flow Chart 

The flow chart for the developed computer code for lateral response of pile in liquefiable 

soils is given below. 

START 

I Enter the value of y, ysat, D. E. d, M, Pile boundary conditions, Q and SPT N 

I Enter the no. of nodal points required 

I Apply corrections to SPT N values 

I Calculate CSR, CRR and FOS using "simplified procedure" 

I 	Calculate the value of Ni, 

No 	 Is Neq  > NL or 	YES 
Is CSR > CRR 

Calculate Ug, modified 6V ' 

Calculate Kh 
	 Kh =O 

Calculate deflection, Moment and shear force using modulus of subgrade 
reaction approach 

STOP 

FC. 4.1 Lateral Response Analysis of Pile in Liquefiable Soils 
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Chapter-5 

VERIFICATION OF ALGORITHM AND BEHAVIOUR OF 

A PILE IN LIQUEFIABLE SOIL 

Using the developed computer program, the lateral capacity of single pile in liquefiable 

layered soil can be determined. If a soil layer is fully liquefied, that portion of the soil will 

offer zero lateral resistance to the pile movement. Partially liquefied layers will provide a 

reduced resistance due to the rise in pore water pressure. Hence the pile will be subjected 

to larger lateral deflection, bending moment and shear force. The output gives all these 

parameters along the depth of the pile. Verification of the program formulation for both 

static and earthquake loading case is carried out. Solution of a typical problem showing 

the variation of above parameters is discussed in the chapter. 

5.1 VERIFICATION OF THE ALGORITHM 

The validation of the program for static case is done by comparing the results from 

program with that given by Reese and Matlock method (Matlock and Reese. 1961, 1962). 

For earthquake case, the program gave reasonable results for a real pile problem in 

liquefiable soil. 

5.1.1 For Static Lateral Loading Condition 

The lateral deflection of a pile along its depth in a cohesionless soil deposit subjected to 

100 kN lateral load is evaluated. The pile head and pile tip are free. Soil is medium sand 

under submerged condition. The input data assumed are as follows. 

Saturated unit weight of soil = 20 kN/m3. 

Modulus of Elasticity of pile, E = 2.5 * iø kN/m2  

Pile diameter = 0.5 m 

Pile length = 10 m 

The value of nh for medium submerged sand as per Eq. 4.3 is 4778 kN/m3. This value is 

used for calculating deflection using Reese and Matlock method. In the present study Kh 

is directly calculated from Eq. 4.5. 
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Fig. 5.1 Comparison between Reese and Matlock and Present Study for Lateral 
Loading 

In Fig. 5.1, the variation of horizontal deflection at different depths along the depth of pile 

has been shown using present study and by Reese and Matlock method (Matlock and 

Reese. 1961, 1962). It can be observed that the deflections obtained by two approaches 

are in very good agreement. This validates the computational procedure for static lateral 
loading. 

5.1.2 For Earthquake Loading Condition 

The analysis of a single pile during the failure of Yachiyo Bridge over the River Shinano 

during the 1964 Niigata Earthquake (Hamada, 1992) is carried out. The foundation of 

both abutments and piers were Reinforced concrete piles of 0.3 m diameter and a length 

of 10 m to 11 m. The soil profile at the site is as shown in Fig. 5.2. There were three 

different layers of soil - sandy silt, medium sand and fine sand. For the top 8 m, the pile 

was surrounded by medium sand and remaining 3 rn by fine sand. The actual soil profile 



media- std 
10  

was sloping as shown in the figure. For the present study, it is assumed that the soil 
profile is horizontal. From the group of piles, a single pile at the corner of pier is selected 
for the study and is shown in Fig. 5.2. 

It was reported by Hamada (1992), that the pile formed a plastic hinge at 8 m depth. The 

depth of liquefiable layer was 8m. The pile head got displaced by about 1.1 m in an 

earthquake magnitude of 7.5. 

N vaWe _X_ 10. 31 so 

sandy 
	 sandy silt 

silL 

SPA" va1ue inblows.ft(O.3m)  

Fig. 5.2 Soil Profile beneath Yachiyo Bridge (Hamada, 1992) 

The following data are assumed 

Saturated unit weight = 19 kN/rn3  

Modulus of Elasticity of pile, F = 2.5 * 107  kN/m2  
Maximum surface acceleration, a,,,,, = 0.15g 

Load= 100 kN 

Pile head = fixed 
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Table 5.2 Comparison of Lateral Pile Responses for Static and Earthquake Case 

Depth 
(m)  

Kh [static] 
(kN/m2) 

Kh [Earth 
quake] 
(kN/m) 

Deflection 
static (m) 

Deflection 
Earth quake 

(m) 

Moment 
[static] 
(kNm) 

Moment 
[Earth 
quake] 
(kNm) 

0 0 0 0.02247 0.78471 -122.9 -487.3 

1 2814.93 0 0.01628 0.76019 -22.9 -387.3 

2 7178.04 0 0.00780 0.69667 31.3 -287.3 

3 3858.90 0 0.00246 0.60423 29.5 -187.3 

4 5968.79 0 0.00010 0.49294 18.2 -87.3 

5 15084.58 0 -0.00044 0.37286 6.3 12.7 

6 9522.16 0 -0.00034 0.25404 1.1 112.7 

7 15664.11 0 -0.00013 0.14657 -0.9 212.7 

8 22643.52 0 -0.00002 0.06050 -0.8 312.7 

9 61032.03 60590.82 0.00001 0.00590 -0.3 412.7 

10 38863.39 14310.52 0.00001 -0.00716 0 155.1 

11 67897.92 67115.18 0 -0.00462 0 0 

The results of the problem, solved using present method are shown in Table 5.1 and Table 

5.2. The earthquake magnitude was 7.5. Corresponding values of Nis  and T are 20 and 

40 seconds respectively. Table 5.1 shows the generation of excess pore water pressure. 

The observed SPT N values are corrected for overburden pressure by multiplying it with 

Cyr. CN is determined using Eq. 3.6 b. The values of CSR at different depths are evaluated 

from Eq. 3.2. From the corrected SPT N values, obtain the values of CRR along the pile 

depth using `Simplified Procedure' explained in section 3.1.2. Find the ratio of CSR to 

CRR7.5 at the nodal points. From Fig. 3.6, determine the values of NL corresponding to 

CSR/ CRR7.5 values. When the value of CSR > CRR or Neq  > NL, the value of net 

effective stress reduces to zero. For other nodal points, find the value of cyclic ratio (rN) 

and pore pressure ratio (r1,) by Seed et al. (1976) explained in section 3.2. Multiply pore 

pressure ratio by the static effective overburden stress to obtain the value of excess pore 

pressure generated. Subtract this excess pore pressure generated from the value of static 

effective stress to obtain the value of net effective stress. It can be observed from Table 
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5.1 that up to a depth of 8 m, the value of net effective stress is zero because the soil is 

fully liquefied up to 8 m. This agrees with the reported value of liquefaction depth. 

A comparison between the Kh values for static and earthquake case is given in Table 5.2. 

Kh values for earthquake and static loading cases are determined from Eq. 4.5 using the 

net effective stress and static effective stress values respectively. Using these Kh values, 

the lateral deflection of pile is determined using Modulus of Subgrade Reaction Approach 

as explained in section 4.1. The bending moment along the depth of pile is given by Eq. 

4.16. 

Table 5.2 also shows the variation of lateral deflection and bending moment with depth 

for static and earthquake cases. The lateral load acting on the pile is not known. However, 

for an assumed value of 100 kN, the pile head deflection is about 0.78 m: The pile head 

will give a deflection of 1.1 m (as reported by Hamada, 1992) when a lateral load of 140 

kN is applied. It can be observed that the calculated moment at 8.0 m increases from 

about zero under static condition to very high value under Earthquake condition which 

could have caused formation of plastic hinge at that depth as reported in this case. Also 

soil at 8 m depth forms the interface between fully liquefied and partially liquefied layers, 

which can also be a possible reason for failure as reported by Uzuoka et al. (2007). These 

show that the adopted method gives reasonable results and thus verifies the developed 

algorithm for earthquake loading. 

5.2 BEHAVIOUR OF A PILE IN LIQUEFIABLE SOIL 

The solution of a typical problem showing the lateral response of a single pile in 

liquefiable soils under earthquake loading is illustrated. For this the input data are taken 

from the case study of 10 storey Hokuriku building during the 1964 Niigata earthquake 

(Bhattacharya, 2003). 

5.2.1 Input Data and Problem statement 

Fig. 5.3 shows the soil profile at site. The building has a basement floor of 7 m- height and 

is founded on reinforced concrete piles. The diameter of the reinforced concrete pile is 0.4 

m and pile length is 12 m. The pile head is free and the pile tip is fixed. The pile head is 7 

m below ground level (Bhattacharya, 2003). The pile passed through 5 m of liquefiable 

soil and remaining through dense soil. 
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The remaining data are assumed as follows 

Modulus of Elasticity of pile, E = 2.5 * 107  kN/m2  

Position of water table = at Ground level 

Saturated unit weight = 19 kN /m3. 

Lateral load applied at pile head, Q = 25 kN 

Maximum ground surface acceleration, amax  = 0.125 g 

Earthquake Magnitude, M = 7.5 

Number of uniform stress cycles, Neq=20 

Duration of strong shaking, T = 40 s 

Fig. 5.3 Soil Profile for 10- storey Hokuriku Building (Bhattacharya, 2003) 

Table 5.3 shows the generation of excess pore pressure. The procedure of pore pressure 
generation and determination of lateral pile responses are same as explained in the 

previous problem (section 5.1.2). The shear force is evaluated using Eq. 4.17. The results 
of the problem under static lateral loading and Earthquake loading cases are given in 

Table 5.4. Comparisons of these results are shown in Fig. 5.4 to Fig. 5.7. 

65 



e 

N p 

O 
'} 

I - OHO N 
W N M *r vfi ~o Oo N N 

oA 00 M vri M vMi M O  00 N 
00 

N-. N N N N M 

M n l U •-. M ~n l~ 
1G-137 x N M V~ W ONO 

_ 
Q O 

7 	O - - Q N N N N N 
O 

~p 
N 
P 

O 
D 

~O 
O 

We~ Cp~~1 09 
5pb; 

C~ r `D 
t"J 

40 
N 

CJ 
GM M 

N N 
M 
D 

O 
0 O 

CJ 
C' 

NJ 
Q 0 0 9 0 

"~' A N Mai N +3 en 9CJ ~41P? tiG) ~7 

k N M 60 0~0 vii cF M N t̂l kn ~O ~P 

U  0 0 c o C g a 

o 
N N N N 

o 
N 

00 

0 O © 0 
N 
0 0 O 0 O O Q O 

U 

CA 
U N O 

r v, f 

M N '0 

erg 

M 

a 

N 

R+ U 7 oo r~ N 

O `0 00 
vii 00 N CO C O N N l~ N O P O~ B~ 

pw 	C © 00  

N M V  ~n '0 N 00 O'  



Table 5.4 Variation of Lateral Pile Responses with Depth for Static Lateral Loading 
and Earthquake Case 

Depth 
from 
pile 

head (m 

Kh  stati 2 
kN/m 

Kh  EQ Z 
 kN/m 

Ystatic (m) YEQ (m) 
BMstatic 
kNrn 

BMEQ 
kNm 

SFstatic 
kN 

SFEQ 
kN 

0 0 0 0.00982 0.04292 0.00 0.00 25.00 25.00 
1 2366.1 0 0.00597 0.03128 25.00 25.00 17.94 25.00 
2 5476.3 0 0.00292 0.02044 35.88 50.00 2.89 25.00 
3 5021.1 0 0.00101 0.01119 30.78 75.00 -7.63 25.00 
4 16319.4 11253.9 0.00008 0.00433 20.61 100.00 -10.83 0.64 
5 24020.4 21221.7 -0.00019 0.00065 9.12 76.28 -9.21 -30.64 
6 22452.5 13277.8 -0.00017 -0.00060 2.19 38.71 -5.00 -33.62 
7 33857.4 31055.6 -0.00008 -0.00061 -0.88 9,05 -1.67 -20.21 
8 33948.3 26063.3 -0.00002 -0.00034 -1.14 -1.70 0.12 -6.37 
9 36765.6 27432.8 0.00000 -0.00012 -0.64 -3.70 0.47 -0.41 
10 39380.7 28753.8 0.00001 -0.00001 -0.21 -2.51 0.33 1.39 
11 41814.2 30139.3 0.00000 0.00001 0.02 -0.91 0.18 1.49 
12 44083.6 31691.1 0.00000 0.00000 0.15 0.46 0.13 1.38 

Where y - Pile Deflection 

BM - Bending moment 

SF - ShearForce 

5,2.2 Evaluation of Modulus of Subgrade Reaction (Kh) 

The observed SPT N values are corrected for overburden correction and these values are 

shown in Table 5.3. The values of CSR, CRR and NL  are obtained. When the value of 
CSR > CRR or Ne, > NL , the excess pore pressure generated becomes equal to the 

effective stress. The net effective stress reduces to zero and hence the value of Kh also 

becomes zero. From Table 5.3, it can be observed that for the top 3m layer, net effective 

stress value reduced to zero, which means the soil is completely liquefied and hence Ki, = 

0. For the remaining points, the rise in pore water pressure is determined. This value is 

reduced from the value of static effective stress to obtain the net effective stress. Based on 

this net effective stress, the modified value of Kh is determined. The amount of excess 

pore water pressure developed, static and net effective stress are shown in Table 5.3. 

Comparison of Kh for static lateral loading and earthquake loading is given in Table 5.4. 

Using these reduced Kh values, lateral response analysis is carried out. 
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5.2.3 Generation of Excess Pore Water Pressure 

Fig. 5.4 shows the variation of pore pressure ratio with depth. It can be observed from the 

figure that the pore pressure ratio is unity up to 3 m. This shows that excess pore pressure 

generated up to 3 m is very high and is equal to the effective overburden stress. So the 

soil up to 3 m is fully liquefied. Below 3 m, the pore pressure ratio is less due to the 

presence of comparatively stronger soil (larger SPT N values). The larger pore pressure 

ratio in top layers explains the larger value of deflection at pile head under earthquake 
loading. 

Pore Pressure Ratio (Ug/ao') 
0 	0.2 	0.4 	0.6 	0.8 	1 	1.2 

0 -- 

2 

4 

6 a 

8 

10 

12 	 _ _ _ _. 	 —~~ 

Fig 5.4 Variation of Pore Pressure Ratio with Depth 

5.2.4 Effect of Liquefaction on Pile Head Deflection 

In Fig. 5.5, the variation of pile deflection along the depth of pile for static and 

earthquake loading are shown. The pile head deflection is obtained as 9.8 min and 42.9 

mm respectively for static lateral loading and earthquake loading case. It shows that due 

to liquefaction, deflection increased by about 4.38 times. This explains the dangerous 
effect of liquefaction on pile deflection. 
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Fig. 5.5 Deflection along the depth of pile 

5.2.5 Effect of Liquefaction on Bending Moment 

Fig. 5.6 Bending Moment Variation along the Depth of Pile 
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In Fig. 5.6, the variation of Bending Moment along the depth of pile for static and 

earthquake loading are shown. The maximum value of bending moment increased from 

about 36 kNm for static loading to 100 kNm for earthquake loading. It shows a 2.8 times 

increase from the static case value. These results explain the structural failure of piles in 

many case of pile foundation failure under Earthquakes reported in the literature (e.g. 

NHK building, 1964 Niigata earthquake). So during design in liquefiable soils, a higher 

value of Factor of safety should be applied for bending moment. 

5.2.6 Effect of Liquefaction on Shear Force 

Fig. 5.7 Shear Force Variation along the Depth of Pile 

In Fig. 5.7, the variation of Shear Force along the depth of pile for static and earthquake 

loading are shown. Increase in Shear force can cause damage to structures founded on 

pile foundations. The maximum shear force increased by about 1.3 times from 25 kN for 

static loading to 33 kN for Earthquake loading. This shows that sufficient consideration 

should be given to Shear Force during pile design in liquefiable soils. 

70 



Chapter-6 

PARAMETRIC STUDY 

Parametric studies are carried out to illustrate the possible reduction in pile capacity under 

earthquake loading due to liquefaction. Using the program, studies are carried out to 

evaluate the effect of location of liquefiable layer and homogenous soil deposits having 

different SPT N values on pile capacity. Design charts are prepared for determining pile 

head deflection in homogenous, cohesionless soil deposits for fully embedded piles. 

6.1 EFFECT OF LOCATION OF LIQUEFIABLE LAYER ON LATERAL 

CAPACITY OF PILE 

The effect of position of liquefiable layer in a layered soil deposit on the lateral response 

of a pile is studied. A layered soil deposit of 20 m depth (Fig. 6.1) is assumed with a weak 

liquefiable layer of 5 m. Three different positions of this 5 m liquefiable layer are 

considered. In the first case, top 5 m is assumed as liquefiable, in the second case, 6-10 m 

is assumed liquefiable and in the third case, 11-15 m is liquefiable. The data assumed are 

given below. 

Lateral load at the top = 25 kN 

Pile length = 20 m 

Pile diameter = 0.5 m 

Modulus of Elasticity of pile, E = 2,5* 107  kN/m2  

Water table = at ground level 

Saturated unit weight = 19 kN/m3  

Earthquake magnitude = 7.5 

Maximum ground surface acceleration is 0.1 g 

The SPT N value for partially liquefiable layer is taken as 15 and for liquefiable layer as 

8. The pile is assumed as fixed head pile. 
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Fig. 6.1 Layered Soil with 5 m Liquefiable Layer at Top 

The analysis of the problem is carried out using the developed program and pile 

deflections for the three cases are determined. In Fig. 6.2, the variation of pile deflection 

along the depth of pile for three different positions of fully .liquefiable layer is shown. It 

can be observed that when the fully liquefiable layer is at the top, the condition becomes 

highly critical as far as lateral capacity is considered. The pile head deflection increased 

by several times. But when the liquefiable layer is in intermediate, the effect seems to be 

very less whatever is its position in between. However the presence of intermediate fully 

liquefiable layer in gently sloping grounds can cause lateral spreading which is not 

considered in this case (Finn and Fujita, 2002). Also the existence of non liquefiable layer 

at the ground surface has significant influence on the maximum bending moment of pile 

(Miura et al., 1991). 
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Fig. 6.2 Comparison of Pile Head Deflection for Different Position of Liquefiable 

Layer 

6.2 VARIATION OF PILE RESPONSE IN LIQUEFIABLE SOIL WITH 
RESPECT TO SPT N 

The variation of pile head deflection and maximum bending moment for different SPT N 
values are studied. For this, lateral response of a pile in homogenous cohesionless soil is 

analyzed for a fixed head pile. The data is the same as assumed in section 6.3.1 except 

that the value of earthquake magnitude is taken as 6.5 and pile length as 15 m. 

Fig. 6.3 and Fig. 6.4 show the variation of pile head deflection and bending moment with 

SPT N values. Very large value of deflection (746 mm) and bending moment (459.5 

kNm) are observed for SPT N = 5. It is because of complete liquefaction of a larger depth 

of top soil layer. When SPT value increases more than 12, the pile head deflection and 
maximum bending moment are reduced to allowable values. For higher values of SPT N 

there is not much effect of liquefaction in the soil layers. This is because soil becomes 

comparatively denser as SPT N value increases and dense soils are not prone to 
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Fig. 6.3 Variation of Pile Head Deflection with SPT N Values 
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Fig. 6.4 Variation of Maximum Bending Moment with SPT N values 

6.3 DESiGN CHARTS 

In the case of partially liquefiable soils, the net effective stress will be greater than zero 

but less than the static effective stress due to the generation of excess pore pressure. Due 

to the reduced effective stresses, the values of modulus of horizontal subgrade reaction 

(Kh) also get reduced as it is directly proportional to the net effective stress (Eq. 4.5). This 

leads to the reduction in the lateral capacity of piles. The analysis of piles in partially 
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liquefiable, homogenous cohesionless soils is carried out for lateral loads. From these 

results, simplified design charts are developed using Equivalent cantilever approach for 

those soils. 

Using the procedure discussed in section 4.3, the pile head deflection, y for long piles in 

homogenous soil deposits (assuming constant value of SPT N throughout the soil depth) 

are determined for any particular value of lateral load. Homogenous deposits of SPT N 

from 5 to 30 are considered in the study. Using the determined y values, the value of 

depth of fixity, Lf is determined using Eq. 4.19. Relative stiffness factor (T) is determined 

from Eq. 4.18. The values of 'LIT (Fixity factor) as a function of SPT N value and 

maximum ground surface accelerations are shown in Fig. 6.5 to 6.14. In these charts, only 

fully embedded piles are considered. Also the charts give values of L1/ T for maximum 
ground surface acceleration (an,.) up to 0.2 g only. For piles having some unsupported 
length or a,,,, > 0.2 g, analysis should be carried out using the basic procedure described 
in section 4.3. 

Design charts for free head piles are shown in Fig. 6.5 to 6.9. Design charts for fixed head 

piles are shown in Fig. 6.10 to 6.14. A problem to illustrate the procedure for using these 
design charts is also discussed. 

6.3.1 Free Head Piles 

Fig. 6.5 to Fig. 6.9 shows the design charts for lateral design of fully embedded free head 
piles in homogenous cohesionless partially liquefiable soils for different values of 

earthquake magnitude. In each figure (for a particular value of earthquake magnitude), the 

relation between fixity factor (Lf/T) and SPT N values for different ground surface 

accelerations ranging from 0.05 g to 0.2 g are given. Also the design chart for lateral 
analysis of piles for static loading case is provided. For static case the curve is horizontal 

to the X- axis with a Fixity factor of around 1.95. 

The charts are useful to determine the pile head deflection in partially liquefiable soils 
only. For example in Fig. 6.5, consider the curve for amax  = 0.1 g. Here below SPT N 
10, the soil deposit will be subjected to complete liquefaction at the top leading to 
unsupported length. So for these cases, curve cannot be extended and problem should be 

solved using the program developed. For earthquake magnitude of 8 (Fig. 6.9), the soil 
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undergoes complete liquefaction for a.ax  = 0.2 g for higher values of SPT N also. So the 
curve corresponding to it is not provided. 

Fig. 6.5 Lf/T Vs N for M=5, 5.5 and 6 
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Fig. 6.6 Lf/T Vs N for M=6.5 
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Fig. 6.7 Lf/T Vs N for M=7 
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6.3.2 Fixed Head Piles 

From Fig. 6.10 to Fig. 6.14, the design charts for lateral design of fully embedded fixed 

head piles in homogenous cohesionless partially liquefiable soils for different values of 

earthquake magnitude are shown. In each figure (for a particular value of earthquake 

magnitude), the relation between fixity factor (L~'T) and SPT N values for different 

ground surface accelerations ranging from 0.05 g to 0.2 g are given. Also the design chart 

for lateral analysis of piles for static loading case is provided. For static case the curve is 

horizontal to the X- axis with a Fixity factor of around 2.24. 

The charts are useful to determine the pile head deflection in partially liquefiable soils 

only. For example in Fig. 6.11, consider the curve for a„ax = 0.15 g. Here below SPT N = 

17, the soil deposit will be subjected to complete liquefaction at the top leading to 

unsupported length. So for these cases, curve cannot be extended and problem should be 

solved using the program developed. For earthquake magnitude of 8 (Fig. 6.14), the soil 

undergoes complete liquefaction for am = 0.2 g for higher values of SPT N also. So the 

curve corresponding to it is not provided. 

78 



[Fixed Head Piles 
M = 5,5.5,6 

	

2.8 	 \O.15g 	 0.2g 

2.7 

2.6 --  .1g 

2.4  

0.05 g 2.3 

	

2.2 	Static case  

5 	 10 	15 	20 	25 	30 

SPT N values 

Fig. 6.10 Lf/T Vs N for M5, 5.5 and 6 

Fixed Head Piles 
M=6..5 

2.7 

2.6 

Static ease 2.2 
5 	10 	15 	2 0 	25 	30 

SPT N values 

Fig. 6.11 Lf/T Vs N for M=6.5 

79 



[Fixed Head Piles 
M=7 

2.7 2.7 

	

2.6 	 ctrig 
\O.2 

	

2.5 	
\O.15g 	g 

 

2.3 

Static case 
2.2 

5 	10 	15 	20 	25 	30 

SPT N values 

Fig. 6.12 Lf/T Vs N for M=7 

Fixed Head Piles 
M=7.5 

2.7

g02 g 

2.5 

2.4 

2.3 

Static  
2.2 	

case 

5 	10 	15 	20 	25 	30 

SPT N values 

Fig. 6.13 L1/T Vs N for M=7.5 

80 



2.6 

2.5 

a 2.4 

2.3 

2.2 

Fixed Head Piles 
M=8 

0.1 g 	 0.15 g 

0.05 g 

Static case 

5 	 10 	15 	20 	25 	30 
SPT N values 

Fig. 6.14 Lf/T Vs N for M=8 

6.4 Problem to Illustrate the Use of Design Charts 

Determine the pile head deflection for a 20 m long pile in homogenous liquefiable soil 

deposit having an SPT N value of 15. Pile head is fixed. The data required are given 

below. 

Lateral load at the top = 25 kN. 

Pile diameter = 0.5 m 

Modulus of Elasticity of Pile, E = 2.5* 10^7 kN/m2  

Water table = at ground level 

Earthquake magnitude = 6.5 

Maximum ground surface acceleration is 0.1g. 

Saturated unit weight = 19 kN/m3  
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Solution 

1. Use the chart, i.e. corresponding to M = 6.5 and am,, = 0.1 g for fixed head piles, 

i.e. Fig. 6.11. From this the value of Lr/T corresponding to N = 15 is obtained as 

2.33. 

2. For N = 15, find the value of ni, using Eq. 4.3 and for that the value of A is 

obtained from Table 4.1 by interpolation. A is obtained as = 464.6. 

nn= (A*Ysub)/1.35 

= 464.6 *(19-9.81)/1.35 

3158.637 kN/m3  

3. Calculate the value of T from Eq. 4.18. 

T = (EI/nh)o.2  

1.893m 

4. Then calculate the value of `Le' by multiplying L /T obtained in step 1 by `T' 

obtained in step 3. Lf is obtained as 4.41. 

5. Using Eq. 4.19b, find the value of pile head deflection, y. In the equation, the 

unsupported length, L1  = 0, since only fully embedded piles are considered. 

Soy=(Q*Lf)/(12*E*I) 

= 0.00233m = 2.33 mm 

Thus using these design charts, the value of pile head deflection can be easily 

calculated manually. 



Chapter-7 

SUMMARY AND CONCLUSIONS 

7.1 SUMMARY 

This dissertation deals with the analysis of lateral response of piles in liquefiable 

cohesionless soils due to lateral loads. For this, analytical studies are carried out and a 

computer code in C++ is developed. The basic idea is to develop a simple procedure to 

determine the lateral capacity of a single pile in liquefiable soil using commonly available 

field test data. The "Modulus of Subgrade Reaction" approach is adopted for studying the 

lateral response of the pile. 

The procedure adopted is summarized as follows. The basic inputs required are the soil 

profile i.e. SPT N values with depth, magnitude of earthquake and maximum earthquake 

surface acceleration. Using the "simplified procedure", recommended by Youd et al. 

(2001), the liquefaction susceptibility of the soil is evaluated. For the layers which are 

completely liquefied, the value of modulus of horizontal subgrade reaction (Kh) is taken 

as zero. The soil layers which are not fully liquefied but there is a reduction in shear 

strength due to generation of excess pore pressure, will experience a reduction in the 

value of Kh. In order to calculate the extent of degradation occurred in the value of Kb, 

the amount of pore pressure generated is evaluated adopting the method proposed by 

Seed et al. (1976) and the net reduced value of effective stress is determined. 

Corresponding to this reduced value of effective stress, modified value of Kh is obtained 

and is used in the analysis to determine the lateral capacity of pile. In the "Modulus of 

Subgrade Reaction approach", linear elastic spring models (Winkler's hypothesis) are 

used. Finite Difference scheme is adopted for solving the above approach to determine 

lateral capacity. 

Using the above developed method, the lateral capacity of piles in layered soil deposits 

prone to liquefaction can be analyzed. A real problem from case history is worked out 

using the developed procedure. The effect of position of liquefiable layer on pile response 

is illustrated. Design charts are developed to determine the pile head deflection for free 

and fixed head, fully embedded piles in homogenous soil deposits prone to liquefaction 
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using Equivalent Cantilever Approach. A numerical problem is worked out to illustrate 

the use of design charts. 

The proposed method and the program developed can be used to assess the safe lateral 

capacity of piles embedded in any non-homogenous deposit of cohesionless soil. 

7.2 CONCLUSIONS 

The following major conclusions may be drawn from the study. 

1. A simple method to determine the lateral capacity of single pile in liquefiable soils 

is developed. The method is based on the commonly available field tests data 

(SP T). 

2. This method can be used for both long and short piles, 

3. The lateral capacity .of a single pile in liquefiable soil deposit reduces drastically 

as compared to the static case. 

4. The results from the analysis of a few case histories show that the maximum 

bending moment increases by about 3 to 4 times in liquefied soils than in the static 

case. This explains the structural failure of piles reported in these cases. 

5. Parametric studies conducted shows that the presence of liquefiable layers at the 

top is more critical than intermediate liquefiable layers as far as lateral capacity is 

considered. 

6. Design charts developed for fully embedded piles in homogenous, cohesionless 

liquefiable soil deposits provide a quick means of estimating pile head deflection 

for a given magnitude of Earthquake and Peak ground acceleration (a,,,ax). 

7.3 FUTURE DIRECTIONS 

1. The dissipation of pore water pressure is not considered in the present study. In 

the case of medium and coarse grained soils, there will be high dissipation due to 

high value of permeability. If dissipation is considered here, the net pore pressure 

generated will be sufficiently reduced and will give a more economical design. 

2. Here only a single pile is considered, however the procedure can be extended to 

pile groups in liquefiable soils. 
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3. In this study one dimensional analysis is considered. Using Finite element 

method, three dimensional analysis can be carried out which can give more 

accurate results. 

4. At strong excitation the behaviour of soil is non linear, therefore the linear elastic 

spring models used here can be replaced by non linear spring models which can 

represent the non linearity of soil. 
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